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Abstract
Collapse of reinforced concrete structures under earthquakes is the main reason for life loss.
Thus, avoiding structural collapse under strong earthquakes is the aim of seismic codes. The
aim of the current study is to lead to an improved understanding of the seismic progressive
collapse behaviour of reinforced concrete frame structures and to identify the most important
parameters that should be considered in seismic progressive collapse analysis. The Applied
Element Method, AEM, is an innovative method for direct progressive collapse simulation, in
which strong geometric nonlinearity, element separation and collision can automatically be
considered. Most previous studies focused on side-sway collapse modes only and indirectly
checked for vertical collapse modes.
A validation of the AEM for seismic progressive collapse simulation has been carried
out. The AEM models of three different frame structures have been validated by comparing
the analytical and experimental results. The results have indicated that the AEM can simulate
the structure response from linear range up to collapse reasonably well.
Sensitivity studies have been conducted to rank the material parameters most important
to the collapse process in terms of the time at incipient collapse and to investigate their
effects on the possible failure modes. The results show that the most important parameters are
the parameters that can alter the failure mode.
An investigation on the effect of inclusion of the vertical ground motions on the
collapse capacity and the possible failure modes has been performed. Considering vertical
ground motions in collapse assessment of irregular frame structures has led to a decrease in
the collapse capacity and to modifications in the possible failure mechanisms resulting in
vertical rather than side-sway collapse modes.
A correlation study for investigation of the effect of using different intensity measures,
fifteen spectrum and structure based intensity measures, for scaling far- and near-field ground
motions for seismic assessment of mid-rise frame structures has been carried out. Employing
intensity measures that account for the spectral shape has led to a considerably better
correlation with the engineering demand parameters than utilizing intensity measures that are
based on a single spectral value or a combination of two spectral values.
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Notation
AEM: Applied element method.
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Notation

P: Axial compression load.
FC′ : Concrete compressive strength.
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a: The length of the representative area.
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Chapter 1

Introduction

1.1 Background
Partial and/or total collapses of structures are often the main cause of loss of life during
strong earthquakes. Therefore, preventing structural collapse has been the primary goal of
seismic design. In post-earthquake reconnaissance reports, it has been revealed that the most
common reasons for the collapse of reinforced concrete structures during earthquakes are
poor nonlinear behaviour and corresponding unfavourable energy dissipation mechanisms.
Example of this are the Izmit earthquake, in Turkey, 1999 (Sezen et al., 2000, Sezen et al.,
2003) and the Bam earthquake, in Iran, 2003 (Ahmadizadeh and Shakib, 2004). Failure in
columns, failure in slab-column connections and/or in beam-column joints initiate most
collapses. These often arise from structural deficiencies; for example, insufficient
reinforcement or poor detailing in the joints, columns with light transverse confinement,
weak or soft storeys, strong-beam with weak-columns, and poor design and construction
quality.
The seismic collapse of structures is defined as the inability of a structural system or a
large part of it to sustain gravity loads under earthquake loading (Elwood and Moehle, 2003).
Different mechanisms can cause a structure to collapse. Earthquake loading can trigger a
global dynamic instability mechanism or a vertical collapse mode. A large side-sway
displacement of single or multiple storeys generally initiates the former. This can be due to a
combination of P-delta effects and with the effects of the strength and stiffness deterioration
of the structural components (Ibarra and Krawinkler, 2005). The latter may occur because of
the loss of the axial capacity of vertical members following the development of shear failure
(Elwood and Moehle, 2003).
Several examples of partial or global structural collapse of reinforced concrete, RC,
buildings under past earthquakes are depicted in Figures 1-1, 1-2 and 1-3.
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Figure 1-1: Vertical collapse of a building during Kobe earthquakes,1995 (Moehle et al.,
2002)

Figure 1-2: Formation of a soft-storey

Figure 1-3: Collapse due to a soft-storey

mechanism (Sezen et al., 2000)

mechanism (Ahmadizadeh and Shakib, 2004)
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1.2 Overview of the problem
Most studies of structural progressive collapse have focused on collapse under impact and
blast loads (Vlassis, 2007, Kaewkulchai and Willamson, 2003). However, seismic
progressive collapse of structures has received a minimal attention. Although there are some
similarities between the collapse behaviour of structures under extreme loadings, earthquake
and impact loads; the spread of damage throughout structures is significantly different.
Generally, the entire structure is severely damaged under seismic loadings. Following
member separation due to earthquake loading, gravity loads carried by a member are
redistributed to neighbouring structural members, which are often also damaged. These
dynamic redistributed loads can exceed the residual strength capacity of the adjacent
members leading to progressive collapse. In contrast, the damage under blast loads is more
localised and adjacent members are often intact and consequently more capable of sustaining
the redistributed loads (Wibowo and Lau, 2009). In addition, the duration of seismic loads is
much longer than that of impact loads. In the case of the seismic progressive collapse of
structures, the structures are simultaneously subjected to seismic and gravity loads, which
then affect the overall structural performance.
Most studies concerning the seismic collapse of structures have focused on side-sway
collapse (Haselton et al., 2008b, Ibarra and Krawinkler, 2005, Krawinkler et al., 2009,
Zareian and Krawinkler, 2009, Zareian et al., 2008). It is possible that collapse of a structure
will contain both side-sway and gravity components. This is an area, which has not been fully
investigated. Based on damage observations from past earthquakes, it has been found that
earthquake loading can result in the loss of multiple axial load-carrying members within the
structure leading to partial or total vertical collapse, especially in buildings designed
according to older codes of practice (Moehle et al., 2002). The failure of corner columns on
upper storeys caused by earthquake loads often leads to two-way cantilever mechanisms
(Gurley, 2008). Different seismic collapse modes can then be triggered (Starossek, 2007). In
order to address collapse modes, which cannot be directly simulated by the available
analytical tools, Aslani and Miranda developed fragility functions for incorporating shear
failure or axial failure in non-ductile columns and also failure in slab-column connections
(Aslani and Miranda, 2005). However, this method did not consider the interaction between
structural members and hence neglected proper consideration of the capacity of the entire
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system. The collapse of structures does not occur due to the loss of a member or the
exceeding of a specific limit state of drift (Sezen et al., 2000). The capacity of an entire
structural system to sustain large deformations following member separation, and the
corresponding redistribution of internal forces within a structure are the main aspects that
control collapse modes. Thus, collapse behaviour is very complicated due to the interaction
between the vertical and lateral capacities of the structure (Elwood and Moehle, 2003). The
ductility and strength of the entire structural system affects the propagation of damage. In
addition, the effects of the dynamic redistribution of internal forces and impact forces can
dramatically alter failure modes.
There are no accurate analytical tools that can simulate all of the collapse phenomena
and capture the interaction between the structure vertical and lateral capacity (Comartin,
2001). A new method called the Applied Element Method, AEM, has recently been
developed for direct collapse simulation (Tagel-Din and Meguro, 1999a). The AEM can
reliably take into account both potential local and global dynamic instability collapse
mechanisms, involving impact between elements and the following redistribution of forces.
By using this method in this study, the effects of various input variables on the collapse
process, not been previously addressed due to the limitation of the available analytical tools,
can be investigated.

1.3 Objectives
The main purpose of the present study is to lead to an improved understanding of the
progressive collapse behaviour of reinforced concrete frame structures under earthquake
loadings using nonlinear dynamic analyses and to identify the most important parameters that
should be considered in seismic progressive collapse analysis. The parameters include
material properties, vertical ground motion components and the intensity measure for scaling
ground motion real records.
The results of nonlinear time history analysis for predicting the response of reinforced
concrete, RC, structures is heavily dependent on the input data; such as characteristics of the
input ground motions and the structural system properties. In order to understand collapse
behaviour, there is a need to investigate the effects of uncertainties in the input quantities on
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the collapse process involving, collapse mechanisms, the collapse potential and the time at
incipient collapse.
The required input data can be classified in two groups. The first group relates to
seismic loadings, both the vertical and horizontal components of ground motions. The second
group involves the input parameters, material properties and mass, which define stiffness,
strength and the deformation capacity of the structural system. The AEM model is based on
the constitutive relationship of the concrete and steel materials. The element stiffness,
strength and deformation capacity are inherent in the model and they are associated with the
material properties. The input parameters, which strongly affect the collapse process, need to
be determined and the influences of correlations between random variables for different
structural members and for different storeys should be examined.
The findings from these investigations can lead to a better understanding of the effect
of these various key parameters and their significant impact on the collapse process. Thus, the
parameters required to conduct seismic collapse analysis will be determined. It can lead to a
better seismic design and to more effective seismic retrofit strategies. To achieve the
objectives of this study, the methodology adopted is as follows:
• To review former experimental collapse investigations.
• To review the analytical tools available for collapse analysis.
• To provide a review of the background of the Applied Element Method.
• To validate the AEM for seismic progressive collapse by comparing the AEM
models with the experimental results obtained in previous studies.
• To assess the seismic collapse behaviour of the two RC frame structures that were
designed and detailed according to EC 8.
• To investigate the effects of uncertainty in different key parameters, for two
structural systems, on collapse behaviour by using sensitivity analyses and then
establishing the order of importance of these parameters to control the progressive
collapse behaviour of RC frame structures.
• To illustrate the important influence of the correlation between the different
variables associated with structural members for different storeys on the collapse
process, collapse modes and the time at incipient collapse.
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• To evaluate the effects of vertical ground motions on seismic collapse potential, as
well as the possible collapse mechanisms for the two RC frame structures.
• To investigate the effects of using different ground motion scaling methods on the
response of RC structures in terms of three different engineering demand
parameters, the peak roof drift, the peak inter-storey drift ratios and damage indices
based on the changes in the first natural period of a structure for different levels of
nonlinear response.

1.4 Content of the thesis
The focus of this work is on the seismic progressive collapse behaviour of RC frame
structures with emphasis on the effects of different sources of uncertainties on the collapse
process. The Extreme Loading for Structures software, ELS, which is based on the Applied
Element Method, has been used to simulate the collapse response for the selected frame
structures. This thesis is organised into eight chapters as follows:
Chapter 1 presents the background and an overview of the problem and the main
objectives of the study. The content of this work is summarised in this Chapter.
Chapter 2 begins with a summary of the experimental work regarding seismic
performance, followed by a comprehensive review of currently available analytical tools for
collapse simulation. Current seismic collapse assessment methods are also briefly described
in this Chapter.
Chapter 3 provides the background to the Applied Element Method. In particular, the
element formulation for a large deformation analysis, the numerical techniques adopted to
solve collision and contact problems. The material models and the failure criteria adopted in
this method are also presented. The procedures for the validation and application of the AEM
are also summarised in this Chapter. In addition, the simplifying assumptions made when
applying this method, and the limitations and advantages of the AEM are given.
Chapter 4 covers with the validation of the AEM models for three shake-table tested RC
frame structures by comparing the analytical nonlinear response of these structures obtained
from AEM analyses with the experimental results from tests performed by other researchers
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in terms of storey-displacement time histories, inter-storey drift ratios and natural periods.
Detailed descriptions of shake-table tests are given. Nonlinear time history analyses have
been performed using Extreme Loading for Structures software. The AEM models for the
selected structures are described in detail, followed by comparisons between the analytical
and experimental results.
Chapter 5 begins with an overview of some previous studies accounting for the effects
of two different sources of uncertainty on seismic performance. A brief summary of the three
most common methods used in this field is provided. These methods are the first-order
second-moment method, FOSM, the approximate second-order second-moment method,
ASOSM, and Tornado Diagram analyses. The random variables to be used in this study are
described. Deterministic sensitivity analyses carried out in order to determine and to rank the
most important random variables to the collapse process are also described. Three types of
correlation between the random variables were considered as presented in the sensitivity
studies: correlation between random parameters for a single member, correlation between
random parameters for different members, and correlation between random parameters for
different storeys. The process of the selection of the seismic input for the sensitivity studies is
discussed. The concepts of mechanism control and the effects of the strong-column weakbeam strength ratio on the collapse capacity of structures are explained. The results of the
sensitivity analyses, in terms of the time at incipient collapse and collapse modes are
discussed in detail.
Chapter 6 reviews previous research focused on the effects of vertical ground motions
on the seismic performance of structures. The characteristics of vertical ground motions are
presented. The method used for selecting and scaling ground motion records is discussed.
The approach adopted to determine the collapse capacity of selected structures and the
definition of the collapse limit state are given. The levels of seismic intensity are selected.
The influences of the inclusion of vertical ground motions on collapse capacity, as well as on
the failure modes are explained in detail. Then, conclusions are given.
Chapter 7 deals with the selection and scaling ground motion methods for seismic
collapse assessments. A review of selection of ground motion methods for nonlinear dynamic
analysis is given. The most up to date scaling ground motion approaches for seismic
assessment are summarised. A number of studies concerning the effects of using different
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scaling methods on structural performance are reviewed. Then, the structural models selected
and analyses of these models are described. The two sets of ground motion records employed
in this study are listed, and regression analyses carried out to investigate the effects of using
different intensity measures, IM, on three engineering demand parameters are described. The
regression results for different intensity measures are compared with the results obtained
using the spectral acceleration at the fundamental period of the structure as an intensity
measure and conclusions are given.
Chapter 8 summarises the main conclusions drawn from the present investigations into
the effects of different sources of uncertainties on the seismic progressive collapse behaviour
of RC frame structures designed according to EC 8 provisions. In addition, recommendations
for further research are given.
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2.1 Introduction
Structural collapse occurs during earthquakes not only in structures designed according to
old codes, but also in structures that satisfy modern seismic code provisions (Villaverde,
2007). Post-earthquake reconnaissance of structures can provide insight into the common
collapse modes (Moehle and Mahin, 1991). Site damage investigations of RC structures
following devastating earthquakes, in combination with data obtained from experimental
work and seismic tests, are essential to achieving an understanding of the seismic
performance of buildings near to or beyond the initiation of the collapse stage, in order to
identify safety margins. Monitoring the real response of structures in situation where actual
strong earthquakes, characterised by a low probability of occurrence, can be very difficult.
Numerical simulation tools validated by experimental data are also important. Contributions
towards improving collapse assessment methods have been made by several researchers in
relation to different issues associated with collapse assessment (Elwood and Moehle, 2003,
Ibarra and Krawinkler, 2005); for example, quantifying P-Delta effects, developing hysteretic
models to account for deterioration in strength and stiffness, developing component models
for shear failure and/or axial load failure and integrating the key factors affecting collapse
process into a unified seismic assessment method.
This literature review is divided into three parts. The first part details the role of seismic
testing in checking the reliability of numerical simulation tools and in reproducing the
observable damage patterns in the progression to collapse, and experimental work regarding
collapse investigations. The second part provides a review of the analytical tools available for
progressive collapse simulation, in particular, the simulation of seismic collapse. A brief
summary of the current methods applied for seismic collapse assessment is provided in the
third part. The three parts of the literature review can be summarised as: experimental
collapse investigations; analytical tools and methods for collapse simulation; and analytical
methods for seismic collapse assessment.
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2.2 Part I: Experimental collapse investigations
This section reviews the background to experimental work, shaking table tests to collapse and
the needs and challenges of experimental work on collapse.

2.2.1 Background to experimental work
The objectives of all experimental work related to collapse analyses and/or collapse
assessment can be summarised as follows (Pinto et al., 2004):
1. To validate analytical models or to calibrate the parameters of a model.
2. To validate new analytical procedures.
3. To improve new constitutive laws for materials in order to increase the confidence in
innovative materials and methods.
4. To trace the structure’s response under a series of ground motions of increasing
intensities.
With the aim of assessing the performance of structures, test protocols; such as load
intensity and test sequences in the case of validation of multi-level performance should be
selected carefully. This is due to the possible effects of cumulative damage on the test results.
Thus, the number of tests need to be limited. Furthermore, an appropriate input motion
should be chosen (Pinto et al., 2004).
In order to improve understanding of failure mechanisms of structures, and the causes
leading to these failure modes, experimental investigations have been conducted on different
structural systems or structural members. The following is a summary of shaking table tests
that have been used to investigate collapse.

2.2.2 Experimental work associated with collapse investigations
A number of shaking table tests have been performed to date on structural members,
structural components, and reduced or full-scale models of structures to investigate the
performance of a member in the structure or the entire structure when subjected to earthquake
loads. A number of these experimental studies are reviewed below.
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Elwood and Moehle conducted two shake table tests for a scale one-storey RC frame, to
examine the collapse mechanisms of RC frames containing non-ductile columns (Elwood and
Moehle, 2003). In particular, vertical collapse modes were found to occur due to the column
shear failure followed by the loss of the column axial capacity. In addition, load redistribution
in a two-dimensional structure with alternative load paths was of concern here. The one-half
scale specimens were composed of three base-fixed columns connected by a strong beam, as
shown in Figure 2-1 (Elwood and Moehle, 2008).

Figure 2-1: Second specimen on shaking table, damage to the top of the centre column of the
second specimen at 29.8 sec, and the (Elwood and Moehle, 2008)
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The centre column had light transverse reinforcement. Consequently, this design
allowed this column to experience shear failure followed by axial failure. It has been stated
that the structure’s response is sensitive to the applied axial load. A scaled unidirectional
ground motion was used as input. Different axial force magnitudes were applied to the centre
column in the two specimens. In specimen 1, shear failure, without subsequent axial load
failure developed in the centre column; this was compared to the column with higher axial
loads in specimen 2, where axial failure occurred at smaller drift ratios. Column shear failure
does not necessarily lead to the complete collapse of a structural system; it depends on
subsequent load redistribution. When the axial load was redistributed to the adjacent columns
during axial failure of the centre column in specimen 2, dynamic amplification of the
transferred axial loads to the adjacent columns was observed.
The previously mentioned work was later extended by Ghannoum et al., to improve the
understanding of collapse modes of non-ductile RC frame structures (Ghannoum et al.,
2008). Dynamic tests on a third-scale three-storey concrete frame with flexure-shear critical
columns and ductile columns were carried out on the Berkeley shaking table, Figure 2-2. The
three tests to collapse aimed to investigate the effects of local failure, column shear and axial
failure, on damage progression and load redistribution within the entire structural system; in
addition to the effects of the framing system on the progressive collapse behaviour
(Ghannoum and Moehle, 2008a). The results therefore highlighted the effects of
neighbouring framing members on collapse behaviour.

Figure 2-2: Specimen on shaking table, frame after collapse and column B1 at end of test 1
(Ghannoum and Moehle, 2008a)
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A dynamic test on a 1/3 scale model of a six-storey wall-frame RC structure was
carried out under a series of ground motions of increasing intensity (Matsumori et al., 2005).
It was found that the shear wall at the first-storey experienced earlier shear failure in contrast
to the design results obtained based on a pushover analysis. The reasons for this could be the
considerable differences in the dynamic distribution of lateral forces between the test and
those considered in the pushover analysis, leading to large shear forces in the first-storey
wall. Hence, a nonlinear static analysis cannot reliably predict neither the highly nonlinear
response of structures nor their failure mechanisms. This may result from ignoring the cyclic
effect, which proved to dominate the seismic performance (Haselton et al., 2009). The
dynamic properties changed dramatically during the loading and unloading stages, whereas
ground shaking resulting in alterations to the force distribution (Villaverde, 2007).
Hashemi and Mosalam conducted a shaking table test on a scale model of a one-storey
RC moment-resisting frame structure containing an infill wall at the University of California
in 2005 (Hashemi and Mosalam, 2006). The concern of their study was to investigate the
effects of a masonry infill wall on structural behaviour, and to calibrate the models being
implemented in the OpenSees program. The test involved three stages. The first stage
conducted with the complete collapse of the infill. The behaviour of the frame without infill
and the collapse mechanism were investigated during the two other stages. Figure 2-3 shows
the damage pattern for the first stage (Hashemi and Mosalam, 2006).

Figure 2-3: Structure tested on shaking table and observed damage of the structure in the first
stage (Hashemi and Mosalam, 2006)
13

Chapter 2

Literature review I: Experimental collapse investigations

The damage in the infill wall can lead to a reduction in structural stiffness and an increase in
the fundamental period. It was concluded that infill walls should be taken into consideration
in both the design and analysis of structures, due to their important role on the stiffness and
strength of structures and on force distribution between structural members.
Although reduced-scale models are cheaper and require less time for construction
compared to full-scale tests, the accuracy of the results is often affected by multiple factors;
such as the specimen size, similitude rules, control of input and excitation, material properties
used, e.g. diameters of reinforcement rebar and concrete mixes, and the accuracy of the data
acquisition system. Moreover, certain features are difficult to reproduce in a scale model; for
example, bond-slip in RC structures (Xianguo et al., 2004, Garevski et al., 2010). Therefore,
full-scale tests are very important to an examination of complex phenomena. For example,
this involves the interaction between structural and non-structural members at different
performance levels, the effect of RC slabs on damage patterns, and the effects of local
damage from individual members on the behaviour of the remaining members, as well as on
the global modes of damage experienced by the entire structural system.
A full-scale test on a three-storey steel moment-resisting frame was performed up to
failure under quasi-static cyclic loading. The objectives of this were to trace the behaviour of
a structure when large deformations occurred near to collapse, and to check the accuracy of a
commonly used analytical model (Nakashima et al., 2004). A failure mechanism was
developed due to local buckling at the top of the first-storey columns. It was concluded that
non-deteriorating models can accurately reproduce structural behaviour up to a level of
deformation represented by drift angles of approximately 1/25.
A full-scale four-storey steel structure was tested to complete collapse using the EDefense three-dimensional shaking table in Japan in 2007. The aim of the test was to assess
the structural performance of the steel structures under the design earthquake, and to
determine the collapse safety margin (Yamada et al., 2008). Figure 2-4 shows the frame
specimen and the failure mode. The frame, which was designed according to current design
codes, performed well under the design earthquake. A first-storey collapse mode was
observed during a catastrophic earthquake. Collapse occurred due to deterioration in the firststorey columns resulting from local buckling (Keiichiro et al., 2009).
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Figure 2-4: Frame specimen and failure mode of specimen at the end of the test (Tuan-Nam
and Kasai, 2012)
In 2006, a full-scale six-storey wall-frame structure, designed according to an old code,
was tested to collapse at the E-Defense shaking table, with the aim of investigating the
collapse behaviour of wall-frame structures involving non-structural components. The test
design and procedures for the test were found in (Kabeyasawa et al., 2005). The specimen
height was 16 m. A series of ground motions with increasing intensity were employed. The
specimen comprised of frames with different characteristics. It was noted that the shear
failure of shear walls and short columns triggered a first-storey collapse mechanism (Shirai et
al., 2007, Kim et al., 2012), as shown in Figure 2-5.

Figure 2-5: Damage in short columns and shear wall (Shirai et al., 2007)
More recently, two scale models for a four-storey steel frame were tested beyond
collapse at NEES, at the University at Buffalo, in order to investigate the side-sway collapse
15

Chapter 2

Literature review I: Experimental collapse investigations

of frame structures (Lignos et al., 2011). It was concluded that the side-sway collapse of
structures can be analytically predicted with good accuracy, provided the effects of
component deterioration are correctly represented together with P-Delta effects, as these
effects dominate structural behaviour near to collapse (Sezen et al., 2000). In addition, it was
noted that the frame behaviour prior to collapse had been strongly affected by the load history
experienced by each structural component. Consequently, using information obtained from
test components and utilising only symmetric cyclic loading histories is not sufficient for
calibrating deterioration models for collapse simulation (Lignos et al., 2011). Both models
collapsed in a complete three-storey mechanism (Lignos and Krawinkler, 2009), as shown in
Figure 2-6.

Figure 2-6: Collapse mechanism of the first frame and collapse mechanism of the second
frame 2 (Lignos and Krawinkler, 2009)
Investigations into previous experiments revealed a lack of seismic experimental tests
near collapse, in particular, large scale or full-scale tests. This can be attributed to the costly
and time consuming nature of large testes. Moreover, many difficulties arise when fabricating
and loading the models and recording data. The capacities of available shaking tables are
limited in terms of both acceleration and weight. The test height is often restricted due to
limitations that affect the laboratory space. Furthermore, most experiments cannot be
performed so that they follow the entire collapse process, due to the cost and the risk of
damaging the shaking table and neighbouring areas following collision forces (Riddell,
2007). The challenges of experimental work and the needs for future research regarding
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seismic risk assessment and performance-based seismic design are summarised as (Pinto et
al., 2004, Garevski et al., 2010):
1) Shaking tables with multi-axis input motions.
2) Development of sensor techniques and the enhancement of dynamic controls
associated with testing facilities.
3) New advanced facilities capable of testing complex structures.
4) Shaking tables capable of reproducing excitations with a high intensity, in order to
trace structural performance from initial damage to collapse.
5) Development in testing procedures, especially tests of non-structural components.
6) Tests on structures containing non-structural elements are required.
7) Field testing to provide more realistic data about the performance of structures and
the interaction between their structural members; such as beams, columns and joints
at the onset of failure.
8) Advanced instrumentation including digital measuring and visualisation systems are
needed for a better estimation of local and global damage.
It is often very difficult to simulate the process of a complete structural collapse and the
corresponding failure modes in physical tests. This is because the mechanical behaviour
inherited in progressive collapse modes is often very complicated and extremely difficult to
quantify in a test (Wang et al., 2006). The generalisation of those collapse modes observed to
cases involving large deformation, disconnections and possible subsequent impact from
falling elements is also very difficult. Thus, developing efficient tools to generate progressive
collapse simulations has become highly desirable in the recent years.
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2.3 PART II: Analytical tools and methods for collapse
simulation
This section reviews the analytical tools and methods developed for collapse simulation.
Based on modelling assumptions, such as discrete or continuum models, the analytical
methods for collapse simulations can be categorised into several groups, as discussed in the
following sections.

2.3.1 Finite Element Method
The Finite element method, which is based on continuum equations, requires further
additional modifications to apply to collapse analyses with strong nonlinearity and
discontinuous behaviours. A number of techniques have been proposed by researchers to
improve the efficiency of the conventional Finite element method, FEM.

2.3.1.1 Vector Form Intrinsic Finite Element Method
The Vector Form Intrinsic Finite Element, VFIFE, method developed by Ting and his coworkers was extended to a seismic collapse analysis of frame structures, from a continuous to
a discontinuous phase (Ting et al., 2004a, Ting et al., 2004b, Shih et al., 2004). This method
incorporates material nonlinearity and large deformations and the frame structure is modelled
using prismatic elements without mass and discrete mass nodes. The motion for each mass
satisfies Newton’s second law and Euler’s equations. The VFIFE method depends on lumped
mass techniques that mean the matrix equations need not be solved. The main difference
between this method and the conventional FEM, which is an energy-based method, is that the
VFIFE method requires force equilibrium at those nodes that connect structural members
during rigid body motion, thus numerical errors resulting from the fictitious unbalanced
residual forces can be avoided. The principle of virtual work can then be used to obtain
balanced forces at each node. In addition, this method removes rigid body motion for each
element, displacements and rotations, redefining a set of deformation coordinates on the
element for each time step. Thus, rigid body displacements can be separated from the total
element displacements. The accuracy of the VFIFE method has been demonstrated by
comparing the results obtained from numerical simulations, using this method with those
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obtained from shake table experiments (Wang et al., 2008, Wang et al., 2011). The seismic
collapse analysis for a five-storey reinforced concrete frame was performed using the VFIFE
method (Wang et al., 2006). A material model with stiffness, strength degrading and pinching
was adopted and the damage index modified by Park and Ang (Park et al., 1987) was
considered as the component failure criteria. Contact detection was considered for simulating
the progressive failure of the structure. Further development is still needed to analyse
relatively complicated structures.

2.3.1.2 Adaptively Shifted Integration Technique
A technique called Adaptively Shifted Integration, ASI, has been developed from the shift
integration technique for finite element analysis by Toi and Isobe (Toi and Isobe, 1996). A
Plastic and dynamic collapse analysis of frame structures can be performed using this
technique. The concept of this technique is that numerical integration points for determining
stiffness matrices are shifted immediately, following the formation of a fully plastic hinge
within an element. Plastic hinges form at both ends and simultaneously the resultant forces
are released. The results of a seismic collapse analysis of RC frame structures, performed
using this code together with Timoshenko beam elements have indicated the sufficiency of
this technique for collapse analyses (Isobe and Tsuda, 2003). The impact between elements
can be taken into consideration. However, the accuracy of this technique in the elastic range
depends on the selected number of elements per member (Lynn and Isobe, 2007).
The accuracy of the ASI technique in the elastic range has been improved by Lynn and
Isobe (Lynn and Isobe, 2007). An ASI-Gauss technique has also been proposed. In this case,
two beam elements are required to model a structural member. The position of the numerical
integration points for the elastically deformed member is altered. In other words, the
evaluation points for the stresses are located at the Gaussian integration points of the
member, and are optimal for two-point integration. Thus, accurate bending deformation can
be obtained, even when the element behaves elastically. This technique, with member
fracture and contact has been applied to impact analyses. The efficiency of using the ASIGAUSS technique to analyse an RC frame structure from the elastic phase until the point of
total collapse under a three-dimensional ground motion in a short CPU time has been proven
(Katahira et al., 2008).
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2.3.1.3 Commercial software
There are a number of commercial software packages, which can be used for dynamic
collapse analysis; such as LS-DYNA3D (Hallquist, 2006) and the OpenSees program
(OpenSees, 2005). For example, collapse analysis of the RC bridge due to the Loma Prieta
Earthquake was carried out by Sun et al., using the nonlinear explicit finite element code LSDYNA (Sun et al., 2003a). Reduced integration 8-node solid elements with one Gauss
integration point and the user-defined material model, smeared crack in ANSYS/LS-DYNA,
were used for modelling the structure. The fracture of the structural elements was modelled
by deactivating failed members and multiplying their stiffness with a severe reduction factor.
The contact and impact problems were considered using the penalty method. It was indicated
that the proposed simulation method can properly predict the collapse process.
A fiber-based model called THUFIBER was developed for modelling reinforced
concrete structures, and implemented in MSC.MARC software (Miao et al., 2007). The
cyclic behaviour of the reinforced concrete material under earthquake loads can be simulated.
Hence, the collapse mechanism and the early failure stage can be properly simulated.
Although the structure remains continuous after the occurrence of collapse, the effects of
member separation can be implicitly taken into account. Lu et al., proposed the appropriate
criterion to deactivate a member when it exceeds its deformation limits using the
aforementioned fibre-based model (Lu et al., 2008).

2.3.1.4 OpenSees platform
Analytical models for predicting the side-sway collapse of a structure under a set of ground
motions vary from using SDOF to MDOF models for representing the structure. The critical
features of progressive collapse simulation tools under earthquake excitation are their ability
to model a deterioration in the strength and stiffness of the structural components under
seismic loading and to incorporate large deformations, element separation and contact
between elements following the removal of an element (Fardis et al., 2010a). Developing
such hysteretic models for structural components in moment-resisting frames or wall
structures has been the subject of several studies. The Pacific Earthquake Engineering
Research Center, PEER, developed an open system for Earthquake Engineering simulation,
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OpenSees program (OpenSees, 2005). Several deterioration models were implemented in the
OpenSees platform. Some of these models are discussed in the following sections.
2.3.1.4.1 Mehanny-Deierlein model
A damage model was developed by Mehanny and Deierlein (Mehanny and Deierlein, 2001).
The Mehanny-Deierlein damage model was based on cumulative member ductility, rather
than on dissipated energy. The damage index accounted for the effects of both peak and
cumulative plastic deformations in the form of the primary half cycle, PHC, and the
following half cycles, FHC. Three calibration coefficients, determined based on experimental

data α, β and γ , in addition to maximum negative and positive plastic rotation capacity

(θ| , θ^
| ), were required when defining this model; as illustrated in Equation 2-1.
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Figure 2-7 is an example of different time histories that can be used to explain the difference
between primary and follower half cycles.
When the damage index of a component exceeds 1; failure of this component is
assumed to occur. Cumulative damage models are used to indicate the degree of component
damage. Damage models often fail to account for stiffness and strength reduction resulting
from cumulative damage, which result in larger deformations. Increasing the structural
deformations due to strength reduction can lead to structural collapse (Ibarra and Krawinkler,
2004). Therefore, deterioration models that explicitly consider these features are required for
collapse assessment.

Figure 2-7: Definition of PHCs, FHCs and the local sequence effects (Mehanny, 1999)
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Deterioration models for beam-column components
In the case of flexural lumped plastic hinges, two main deterioration modes, monotonic and
cyclic deterioration, often occur (Fardis et al., 2010a). As seen in Figure 2-8, deterioration
under cyclic loading can be categorised into four modes, namely basic strength deterioration,
post-capping strength deterioration following reaching of the capping point, unloading
stiffness deterioration, and accelerated reloading stiffness deterioration (Ibarra et al., 2005).
All modes with exception to the final one, have been observed in all structural component
responses under cyclic loading. As a result of these modes, the initial backbone curve, in
other words, the curve under monotonic loading generally differs from the cyclic envelope
curve.

Monotonic
Cyclic

Figure 2-8: Monotonic and cyclic experimental response of a wood specimen (Ibarra et al.,
2005)
2.3.1.4.2 Ibarra-Krawinkler deterioration model
Ibarra and Krawinkler have developed plastic hinge models to incorporate the
aforementioned deterioration modes and to predict global side-sway collapse (Ibarra and
Krawinkler, 2005, Ibarra et al., 2005). The parameters defining the backbone curve of the
model are initial stiffness, hardening stiffness, post-capping stiffness, and residual strength
branch, as illustrated in Figure 2-9. In this model, the cyclic deterioration of each component
is assumed to be independent of loading history, being controlled by a criterion based on a
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reference hysteretic energy dissipation capacity, that is similar to the deterioration model
developed by (Rahnama and Krawinkler, 1993). An energy-based deterioration parameter
defining cyclic deterioration in excursion i, β , can be applied for these four deterioration
modes. The stiffness or strength value in excursion i can be determined in the form, F A

1 y β F^. This parameter can be defined as in Equation 2-2 (Rahnama and Krawinkler,
1993, Ibarra et al., 2005).

β A 

r

r ^∑ r





Equation 2-2

E is the hysteretic energy dissipated in i excursion; E: A γF= δ y δ=  is the reference

hysteretic energy dissipation capacity; E; is the hysteretic energy dissipated in all excursions
prior to i excursion; c is an exponent used to define the deterioration rate; and δ /δ=  is the

ductility capacity.

The parameters defining the deformation of the backbone curve and cyclic deterioration
in the Ibarra-Krawinkler model have been calibrated based on experimental data for plywood,
masonry, reinforced concrete (Haselton et al., 2008a) and steel structural components (Lignos
and Krawinkler, 2009, Lignos and Krawinkler, 2011).

Figure 2-9: Ibarra-Krawinkler model (Ibarra and Krawinkler, 2005)
Lignos and Krawinkler modified the Ibarra-Krawinkler model to represent the
asymmetric hysteretic behaviour of a beam-column component, by incorporating residual
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strength and different cyclic deterioration rates in positive and negative loading directions.
Moreover, an ultimate component deformation with zero strength has also been incorporated
(Lignos and Krawinkler, 2009, Lignos and Krawinkler, 2011). The modified model was
implemented in the OpenSees platform (OpenSees, 2010).
2.3.1.4.3 Models for shear and axial load failure of RC columns
Several shear models were developed for columns with rectangular cross sections. The focus
of recent studies has been on columns with light transverse reinforcement, which have been
designed to yield in flexure prior to developing shear failure and then axial load failure. Some
examples of these models are discussed in the following section.
Sezen and Moehle calibrated an empirical model for shear column strength based on
experimental results (Sezen and Moehle, 2004). The shear strength equation considers shear
contributions from transverse reinforcements and concrete. The main parameters in this
model are axial compression load, P; concrete compressive strength, f , transverse

reinforcement, e.g. AH: and f=: , the shear reinforcement area, within spacing s and the yield

strength of transverse reinforcement, respectively, the cross-section area, Az , column aspect

ratio and displacement ductility demand.

A model for estimating the deformation at column shear failure has been derived
empirically based on experimental data (Elwood and Moehle, 2005b, Elwood and Moehle,
2003). Shear failure is assumed to occur at 20% loss in the peak shear strength. The Equation

2-3 for drift at shear failure is proposed in MPa units. It has been stated that drift, δ/ ,

increases with increases in the transverse reinforcement ratio, ρ", or decreases in response to
shear stress and/or axial stress. v represents nominal shear stress.
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Equation 2-3

Elwood and Moehle extended the drift capacity model developed for shear failure to
account for the loss of axial capacity in shear damaged RC columns (Elwood and Moehle,
2005a). The columns can experience axial failure following the loss of shear capacity. The

drift at axial failure, δ , was estimated based on shear-friction concepts and experimental
investigations in Equation 2-4.
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θ is the critical crack angle; and d is the core depth measured in the direction of applied

shear. This model for shear and axial failure was implemented in OpenSees in 2004.

(Ghannoum and Moehle, 2008a) noted that the shear failure of flexure-shear columns
tends to be associated with inelastic rotational demands, rather than the drift demands of
those columns, particularly for columns in a frame system. Previous tests were performed on
columns with fixed-fixed boundary conditions, where both column end rotations were equal
and closely associated with drifts. Ghannoum and Moehle introduced new models for column
rotations at shear failure based on regression analyses of experimental data (Ghannoum and
Moehle, 2008b). Different rotation measures can be used in these models; such as plastic or
elastic rotations.
In generally, the finite element method based on the continuum equations is valid only
for structural analyses prior to collapse, because complicated modifications are required to
simulate member fractures. Advanced tools accounting for element separation are essential
for predicting the complete progressive collapse response of structures under earthquake and
for evaluating their capabilities to withstand strong earthquake loading.

2.3.1.5 Models considering element separation
A review of the approaches and tools that can be used to manage element separation during a
progressive collapse simulation are introduced in the following section.
In a study reported by Kaewkulchai and Williamson, a lumped plasticity model, which
accounts for both strength and stiffness degradation of beam-column elements, and with a
damage index based on the maximum deformations and accumulated plastic energy, has been
defined for predicting the collapse of planar frame structures (Kaewkulchai and Williamson,
2004). As the damage index of an element reaches a predefined threshold value, the element
becomes disconnected from the structural system. After which, the effect of dynamic force
redistribution from the lost element is considered by applying external forces at the end
nodes, utilising a step function. This approach utilises a static condensation method to modify
the member stiffness. Hence, the collapsed element response is tracked without requiring
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modification of the number of degrees of freedom, as are the element connectivity
relationships arising from element disconnection (Kaewkulchai and Williamson, 2004).
Kaewkulchai and Williamson has extended the previously mentioned method to take
into account the effects of the impact of collapsed element on the structure below, by
adopting a simplified method based on a low-velocity impact regime, particularly on the
transverse impact on flexible bodies, with the assumption of the impact of a perfectly-plastic
mass on a damaged member (Kaewkulchai and Williamson, 2006). Hence, local
deformations at the impact location can be neglected. The duration of impact has been
assumed as negligible, and the immediate velocity change at the impact location has been
employed related to the velocities and masses of both falling and impacted elements.
Simulation tools for seismic progressive collapse analyses have been developed by
Talaat and Mosalam, in which an algorithm for the automatic sudden removal of a lost
member based on principles of dynamic equilibrium has been presented (Talaat and
Mosalam, 2008, Mosalam et al., 2008, Talaat and Mosalam, 2009, Fardis et al., 2010b). This
formulation, which has been implemented into the OpenSees codes, has been extended to
account for the simplified modelling of a collision. The separation takes place when the
removal criteria of the damage indices for RC columns, the response of a member is
governed either by flexure-axial interaction or by shear-axial interaction, are met. A
benchmark problem with noncomplex criteria for element removal has been utilised to verify
this algorithm. However, there are some complications associated with the implementation of
this technique.
Since plastic hinge models are suitable only to simulate the response of structures prior
to element separation, Zhang and Liu have developed a mixed hinge model (Zhang and Liu,
2000). This model is capable of describing three displacement discontinuities (transverse,
longitudinal and rotational displacements) in beam-column members, based on singularity
functions. In this model, displacement discontinuities are assumed to be concentrated at the
member ends. Furthermore, collision effects are also fully considered by imposing conditions
of velocity constraint on the system and introducing a Lagrange multiplier to modify kinetic
energy (Zhang and Liu, 2000). A numerical simulation of a frame structure under the
Wenchuan earthquake has been carried out. The analytical results illustrated the feasibility of
this model to account for collision effects (Zhang and Liu, 2008, Zhang and Liu, 2000).
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The disadvantage of the method, based on FEM, is that the crack location should be
predefined, prior to the collapse analysis, using the FEM. Hence, separation is generally
assumed to take place at the element ends using joint elements. Moreover, contact between
members is often difficult to accurately account for in this method.

2.3.2 Discrete Analysis Methods
Several discrete analysis methods have been developed for the analysis of discontinuous
problems. A review of some of these approaches, as applied to collapse analyses, is provided
below:
•

The Distinct Element Method, DEM, was proposed by (Cundall and Strack,

1979) for the purpose of simulating the mechanical behaviour of discontinuous
material, such as soil and rock. Granular material is modelled as an assembly of rigid
elements; each rigid element has a vertical and a horizontal spring.
•

The Modified Distinct Element method, MDEM, was developed from the

DEM for a fracture analysis of concrete structures (Meguro and Hakuno, 1989).
•

The Extended Distinct Element method, EDEM, is a modification of the

DEM, undertaken to simulate the bending fracture of reinforced concrete structures, in
which circular or spherical elements are used to represent concrete aggregate and poresprings between those elements are utilised to model binding mortars (Meguro and
Hakuno, 1994). This approach has been applied when modelling the collapse modes of
several concrete structures under seismic loads (Meguro and Sato, 1996, Hakuno and
Meguro, 1993). The EDEM cannot accurately represent local fracture modes. This is
because appropriate material properties for determining contact elements are not
available. Only the global failure mode of the structure can be predicted; including the
effects of contact and collision between the elements (Hakuno and Meguro, 1993).
•

The lattice model was proposed by (Sun et al., 2003b) for seismic collapse

analysis of reinforced concrete structures using EDEM. Such a structure is assumed to
consist of square elements. Each square element consists of six springs and four lumped
masses. Reinforcement can be modelled either as an integral model or as a discrete
model. Material fracture is based on ultimate strain. As the springs yield and then
fracture, the entire process of collapse can be simulated, from the elastic to the
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discontinue stage. Contact is considered to occur between masses representing concrete
materials only. The advantage of this model is that a shorter CPU time is required,
comparative to that needed for the EDEM.
The discrete element methods are time consuming and require detailed modelling.
Hence, their suitability is limited to detailed analyses; such as 2 D models or small 3 D
models. In addition, these discrete element methods are less accurate than the FEM at the
small deformation stage. Also, the accuracy of the analytical results obtained from numerical
methods utilising rigid elements is affected by element size, shape and arrangement (Kikuchi
et al., 1992).

2.3.3 Coupled Finite Element-Discrete Element Method
The coupled finite element-discrete element method, has the advantages of both finite
element and discrete element methods, as proposed by Lu (Lu et al., 2009). This approach
has been implemented in existing software MSC.MARC. Multi-layer shell models and fiber
models, developed by Lu et al., were used to construct the initial finite element model (Miao
et al., 2007, Lu et al., 2008). The progressive collapse of a structure is then simulated by
removing those finite elements that reach failure limits and by replacing them with granular
discrete elements with an equivalent total mass and volume and with the initial conditions of
the deactivated elements. Furthermore, a simple algorithm is used to account for any contact
and impact between the elements. It has been concluded that this method can simulate the
impact of fragments during collapse better than the finite element method. A numerical
example conducted using this approach has indicated the importance of impact and debris
effects on the process of collapse (Lu et al., 2009).

2.3.4 Applied Element Method
Tagel-Din and Meguro developed an Applied Element Method for modelling the entire
collapse process, starting from crack initiation until complete collapse, with reasonable
accuracy in both the small and large deformation ranges (Tagel-Din and Meguro, 1999a). In
this method, the structure is modelled as an assembly of small rigid elements, connected
together by sets of normal and shear springs. These springs represent the element
deformations and stresses. Element separation, the effect of impact loads and rigid body
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motion were considered in this approach in a reasonable CPU time, without requiring any
previous knowledge of possible failure behaviour. Although the shape of the rigid elements
remains unchanged, the behaviour of a set of elements is deformable according to the
deformations of the springs surrounding the elements. The accuracy of the AEM for
nonlinear analyses has been demonstrated. Reasonable agreement has been observed between
the numerical results of an eleven-storey RC frame structure under earthquake loading and
those obtained using a shaking table (Meguro and Tagel-Din, 1999a). Wibowo and his coworkers reported that a good estimation of the seismic progressive collapse behaviour of
bridge can be achieved by using computer software called the Extreme loading for Structures,
ELS, which is based on the AEM (Wibowo et al., 2009). The theory and application of the
AEM is described in detail in Chapter 3.
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2.4 PART III: Analytical methods for seismic collapse assessment
2.4.1 Analytical methods for seismic collapse assessment
The provisions for performance-based assessment were first specified in FEMA 273/356
(ASCE, 2000, ASCE, 1997) and ATC 40 (ATC, 1996). In the former, the monotonic
backbone curves, defining a force-deformation component relationship defined as a function
of reinforcement details and seismic demand parameters. The Pacific Earthquake Engineering
Research, PEER, Center extended previous work and developed a methodology for seismic
collapse assessment integrating possible sources of uncertainty related to the collapse
prediction process; e.g. seismic demand and capacity and ground motion intensity (Cornell et
al., 2002, Ibarra et al., 2005, Haselton et al., 2007, Zareian and Krawinkler, 2007). Side-sway
collapse can be simulated directly; whereas, vertical collapse due to the loss in the column
load carrying capacity or failure of the slab-column connection is assessed based on the post
processing of simulation data and component damage models (Aslani and Miranda, 2005).
The global probabilistic framework for seismic performance assessment involves four
processes; seismic hazard analysis, structural response simulation, damage assessment and
loss modelling, as related to economic losses and casualties (Deierlein, 2004), as outlined in
Figure 2-10. The four outputs obtained during these steps are hazard curves, representing the
annual frequency of exceeding different levels of seismic excitation in terms of a ground
motion Intensity Measure, IM, Engineering Demand Parameters, EDPs, Damage Measure,
DM, and Decision Variables, DV. The focus of this study is on directly predicting collapse
capacities; thus, only the most recently methods for assessing the collapse capacities are
described below. State of the art available methods for seismic collapse assessment, as
developed before 2007 can be found in (Villaverde, 2007). Structural engineering demand
parameters can be determined from nonlinear dynamic time history analyses of analytical
models involving the features important to collapse simulation.
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Figure 2-10: PEER probabilistic framework for collapse assessment (Deierlein and Haselton,
2005)

2.4.1.1 Step-by-step analysis
Mehanny and Deierlein developed a methodology for the seismic damage assessment of
steel-concrete composite frames, utilising a Mehanny-Deierlein component damage index
(Mehanny and Deierlein, 2001). The collapse safety of structures under earthquake loadings
can be evaluated by integrating structural component damage indices. The first step of this
methodology involves performing time history analyses for a set of ground motions under
linearly increasing intensity, in order to calculate the damage indices. Then, for a given
record and intensity level, the analytical model is modified to account for any corresponding
damage obtained from the IDA, which means updating the geometry of the model in order to
consider the permanent deformation obtained at the end of the first analysis and to decrease
the element stiffness and strength according to the damage index. Then, for each intensity
level, a second-order inelastic static analysis under gravity loads are only carried out for each
selected record, using the modified model to determine the stability index, which represents
the ratio between the vertical load capacity and the actual gravity load. This index can be
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used as a criterion for global failure as it describes the relationship between the collapse
capacity and seismic intensity.

2.4.1.2 Incremental dynamic analysis, IDA
An incremental dynamic analysis, IDA, is a powerful method for studying the complete
seismic performance of structures in the elastic stage and as they proceed toward global
collapse. This method involves conducting a series of nonlinear dynamic analyses under
multi-level ground motion intensity. The concept of IDAs was first proposed by Bertero in
1977 (Villaverde, 2007). Then, FEMA, the U.S. Federal Emergency Management Agency,
introduced the IDAs guidelines. Recently, (Vamvatsikos and Fragiadakis, 2010, Vamvatsikos
and Cornell, 2002) have explained this approach. Thus, a brief description of the IDA is
given below.
In this approach, a structural model is subjected to a set of representative ground
motion records, the intensity of each is incrementally increased until global collapse of the
structure is reached. The IDA curves can then be produced. An IDA curve for each individual
record is a plot of a response measure, recorded in an IDA study versus an intensity measure,
as shown in Figure 2-11 (Haselton et al., 2008b). The intensity Measure, IM, can be selected
as the peak ground acceleration, PGA, or the 5% damped spectral acceleration at the firstmode of the structure, s T , 5%. The damage or response measure, DM, can be as the

maximum peak inter-storey drift ratio. Global collapse occurs due to global dynamic

instability, when a small increment in the IM-level leads to an unlimited increase in the
response measure of the structure. Based on the IDA curve, global dynamic instability for
each individual record occurs when the IDA curve becomes flat. Different ground motions
with different content frequency lead to different IDA curves. It is worth noting that the IDA
curve is not always monotonic due to the scaling up of the record. The effective period of the
structure elongates as the structure is subjected to higher cyclic loading in the earliest part of
the time history, whereas later cycles may not cause the structure to yield. Hence, the
response of the structure to subsequent cyclic loading may change. The output of the IDAs is
the mean collapse capacity and the dispersion due to record-to-record variability, RTR. Thus,
estimating collapse capacity using IDAs requires a proper IM, which represents the ground
motion frequency content associated with a seismic event that will cause collapse of the
structure.
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Figure 2-11: Example of IDA for collapse analysis (Haselton et al., 2008b)
Ibarra and Krawinkler developed a methodology for evaluating the seismic side-sway
collapse of deteriorating SDOF and MDOF systems using a relative intensity measure and a
response measure defined as,

°±²
°¬

, when performing an incremental dynamic analysis (Ibarra

and Krawinkler, 2004, Ibarra and Krawinkler, 2005). The relative intensity measure is
represented by the ratio between the seismic intensity and the strength parameter of the
structure. This relative intensity measure is defined as ³

¶. s T  is the 5% damped

H ´ .µ
z

spectral acceleration at the first-mode of the structure without the P-Delta effect. η A

1«
¸

is

the base shear coefficient; V= is the yield strength; and W is the structure weight. δ/ is the

maximum displacement and δ is the spectral displacement. The collapse capacities of

single-bay generic frames with various numbers of storeys representing different MDOF
systems, were investigated using a set of 40 ground motions. In Ibarra and Krawinkler’s
study, plastic hinges were allowed to form at both ends of all beams but only at the column
bases. The assumption made was that the same hysteresis model, which includes monotonic
and cyclic strength degradation, was used for all the rotational plastic springs of a structure.
The values of the primary parameters used in the modified Ibarra-Krawinkler model (Ibarra
et

al.,

2005)

are:

αH A 0.03, °¢ A 2, 4 and 6, α A y0.1, y0.3 and y 0.5, λ A 0, γ A
°

«

∞, 100, 50 and 25. The same À is use for all the four deterioration modes. Both, the effect of
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ground motion uncertainty on the collapse capacity of MDOF systems and the effect of
modelling uncertainties, associated with the above mentioned models, on collapse capacity
have been quantified using this methodology. It has been concluded that post-capping
stiffness and ductility capacity are the most important parameters. The proposed methodology
can be applied to the development of the collapse fragility curves, as well as to evaluation of
the mean annual frequency of collapse (Ibarra and Krawinkler, 2005).

2.4.1.3 Stripe analysis method in IDA
The characteristics of ground motion depend on the hazard level. The spectral shape of
ground motions representing rare events significantly differs from that of ground motions
associated with frequent events. Therefore, the assumption made in the IDA method, when
scaling a single set of ground motions in order to represent all hazard levels to provide a
proper IM, can result in an overestimation or underestimation of seismic demand. Several
studies have found that if the effect of ground motion shape as represented by ε is ignored,

then the seismic demand on the structure will be under-estimated for frequent hazard levels
and over-estimated for rare hazard levels (Zareian and Krawinkler, 2009, Baker and Cornell,
2005). This problem can be resolved by employing the stripe analysis method as related to
IDA, in which different sets of ground motion records, with proper characteristics for
different ranges of hazard levels are selected and then each bin is used at the corresponding
IM levels. At each stripe level, the ground motion records in the corresponding set are scaled
to the desired values of IM. To undertake collapse assessment, the set of records with largest
magnitude is then used over the IDA (Haselton et al., 2008b).

2.4.2 Assessment of collapse probability
Collapse performance can be estimated by the probability of collapse at a discrete hazard
level; e.g. IM value, the mean annual frequency of collapse, MAF, and the collapse capacity
margin. The latter is defined as the ratio between the median collapse capacity and the
maximum considered earthquake, MCE, intensity and is generally associated with the 2% in
50-year ground motion intensity level (Zareian et al., 2010).

In order to obtain these

measures, two key components are necessitated: the seismic hazard curve and the collapse
fragility curve.
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The hazard curve for a specific site, and the location of the selected structure,
represents the relationship between the ground motion intensity measure and the return period
of ground motion. The seismic hazard curve for a given IM can be calculated through either
seismic hazard maps or probabilistic seismic hazard analysis, PSHA. More information about
the PSHA procedures can be found in (Kramer, 1996, McGuire, 2004).
The probability of collapse for a set of ground motions can be computed using either an
EDP-based method or an IM-based method. In the EDP-based method, the collapse is
assumed to occur when an engineering demand parameter, EDP, exceeds the structure
capacity at a given intensity level, ÂQÃh ¥ ÂQÃC . In this case, the engineering demand

parameter could be a structural component deformation or a storey drift ratio (Zareian et al.,
2010). ÂQÃC can also be a predefined deterministic value. The collapse probability at a given

IM, ÃMÄ/ÅÆN, can be obtained as in Equation 2-5 (Zareian et al., 2010). ÃM ÂQÃC A ÇiÈCÉ N

represents the probability that capacity is equal to ÇiÈCÉ .
PMC/IM A im N A PM EDP ¥ EDP /IM A im N

Equation 2-5

A ∑ v|¢ PM EDP ¥ EDP /EDP A edp , IM A im N PM EDP A edp N

Both probabilistic estimations can be obtained using information obtained from the IDA
curves. In cases of collapse, EDPs are very sensitive, since small changes in input can
significantly alter responses (Ibarra and Krawinkler, 2005). For this reason, collapse capacity
is often determined by an IM-based method instead of an EDP-based.
When utilising IM-based method, the collapse capacity of the structure is defined by
the maximum ground motion intensity the structural system can sustain without experiencing
dynamic instability. This means that the structure is on the verge of collapse but is remaining
stable at this intensity; therefore, any small increase in intensity will cause the structure to
collapse (Krawinkler et al., 2009). The ground motion intensity is generally measured using

spectral acceleration at the fundamental period of the structure, S T . The collapse capacity
values of a given structure subjected to a set of ground motions can be obtained using the

IDA as illustrated in Figure 2-12. The values for collapse capacity are generally assumed to
be log-normally distributed (Ibarra and Krawinkler, 2005). The collapse fragility curve is
defined as the cumulative distribution function of the collapse capacities, CDF (Ibarra and
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Krawinkler, 2005). Figure 2-12 shows the process for determining collapse capacities and
corresponding fragility curve (Zareian and Krawinkler, 2009).

Figure 2-12: Determination of collapse capacities and the corresponding fragility curve
(Zareian and Krawinkler, 2009).
The mean annual probability of collapse can be obtained by integrating fragility
collapse curves, which incorporate aleatory and epistemic uncertainties, over the hazard

curve. Aleatory uncertainty, denoted as VÌÍ , result from record to record variability and can
be obtained directly from the cumulative distribution function of the collapse capacities.

Epistemic uncertainties, denoted as VÎÍ , due to uncertainty in analytical tools can be obtained

using a Monte Carlo simulation or the first-order second-moment method. The collapse
probability at a specific hazard level can be directly evaluated from fragility collapse curves
(Krawinkler et al., 2009).

2.4.2.1 Combination of different sources of uncertainty
The aim of seismic collapse assessment is to accurately quantify the mean and variability of
structure response measures; such as the probability of collapse. Probabilistic approaches for
the incorporation and integration of both sources of uncertainties are explained in (Ibarra and
Krawinkler, 2005, Zareian and Krawinkler, 2009, Krawinkler et al., 2009). Two common
approaches that can be used to incorporate the effects of uncertainty are the mean estimate
and the confidence interval methods; provided that both sources of uncertainties are
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independent. These two methods are illustrated by the plot of collapse fragilities in Figures 213 and 2-14.
The confidence interval method requires determination of the collapse capacity with a
certain level of confidence (Ellingwood and Kinali, 2009, Cornell et al., 2002). Firstly, a

median fragility curve and the VÎÍ dispersion in it are estimated by employing the median
component values in the IDA analysis. The median of this median estimate is treated as a

random variable, with a log-normal distribution (Liel et al., 2009). Then, epistemic dispersion
is used as the dispersion for the distribution of the median estimate. Prediction at a certain
confidence level is made by shifting the median of aleatory distribution to an appropriate
percentile on the epistemic distribution according to the chosen confidence level (Zareian et
al., 2010), as shown in Figure 2-13. The collapse probability, as well as the rate of collapse,
are strongly affected by the choice of confidence level (Liel et al., 2009). Furthermore,
distinction between both sources of uncertainties, aleatory and epistemic, is required in this
method.
In the mean estimates method for integrating the two uncertainty sources, the median
collapse capacity obtained from IDA using median component values is assumed to be
unchangeable. Incorporating modelling uncertainties does not affect the median collapse
capacity. However, the distribution probability of dispersion can be inflated by using the
square-root-of-sum-of-squares for both uncertainties (Liel et al., 2009). The assumptions
made in this method are that both uncertainty distributions are log-normal. This method is
more stable than the previous approach, which depends on the choice of confidence level
prediction, in addition it is not sensitive to classifying uncertainty into different sources (Liel
et al., 2009).
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Figure 2-13: Collapse distribution based on the confident level method (Haselton and
Deierlein, 2008)

Figure 2-14: Collapse distribution based on the mean method (Haselton and Deierlein, 2008)
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Haselton et al., assessed the side-sway collapse capacity of a number of ductile RC
frames, designed according to current seismic codes, and accounting for the effects of
modelling uncertainties as well as record-to-record variability (Haselton and Deierlein, 2008,
Haselton et al., 2011b). 39 pairs of ground motion records have been utilised for performing
the IDA in their study. The number of storeys in the structures varied between one and
twenty. Based on a site-specific hazard curve corresponding to the Los Angeles site, they
found that the collapse probabilities at the MCE are in a range of 0.12 to 0.47, collapse
margins are in a range of 1.1 to 2.1 and the MAF of collapse for return periods between 400
and 4500 years are M2.2 Ï 10^ y 25.5 Ï 10^ N. However, these collapse quantities overstate

the collapse risk, because the assessments made neglect the effects of ground motion spectral
shape. The collapse capacity distribution of each structure has been modified using the

method proposed in (Haselton et al., 2011a) to account for ε. Following the ε y adjustment,
the ranges of the previous three measures are M0.03 y 0.20N, M1.4 y 3.4N and M0.7 Ï 10^ y

7 Ï 10^ N for an average return period of 3200 years, respectively. Furthermore, they have
investigated the effects of specific design provisions on seismic collapse safety. For example,

the requirements of minimum base shear of ASCE 7 in the different editions, 2002 and 2005,
the ACI 318 ratio of strong-column week-beam, the building height and strength-irregular
design. In general, if modifying a code requirement leads to more localisation of damage in
fewer storeys, the inelastic deformation capacity of the structure and thus its collapse
resistance will decrease. However, more investigations are still required to quantify these
effects.
A similar study regarding the assessment of the collapse capacity of a set of non-ductile
RC frame structures, of varying heights from two to twelve storeys, has been carried out by
(Liel and Deierlein, 2008, Liel et al., 2011). Material nonlinearities in the beam-column
joints, in addition to those in the beams and columns have been considered in the structures
analytical models. The plastic rotation capacity and the post-capping stiffness in the nonductile RC frames were considerably smaller than those in the ductile RC frames. Side-sway
collapse was directly simulated using the IDA with a set of 80 ground motions, while
vertical collapse due to loss of axial load carrying capacity, following shear failure, was
detected by post-processing the IDA results using a component criterion developed by
(Aslani and Miranda, 2005) based on median column drift ratio. The results have indicated
that incorporating vertical collapse modes leads to a reduction in the structure collapse
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capacity of up to 30% compared with the case of only side-sway collapse. The assessment
showed that the collapse probabilities at the MCE are in the range of 0.54 to 0.85.
The seismic performance of non-ductile RC frames has been compared with that of
ductile frame buildings investigated by (Haselton and Deierlein, 2008, Haselton et al.,
2011b). The comparison of results has indicated that the capacity design provisions employed
in modern seismic codes have a significant impact on enhancing the collapse capacities of
structures and reducing their seismic risk, because they result in better component
deformation capacity. The requirement of strong-column weak-beam allows for greater
distribution of damage over the entire structure. The collapse margin ratios of ductile RC
frames are larger than those of non-ductile RC frames, by a factor of three.

2.5 Significant of the current study
The thesis will describe investigations into the collapse behaviour of reinforced
concrete frame structures and the key factors that affect the collapse process. Even though a
number of studies have been conducted for collapse assessments, and it can be concluded
from the previous review that until now no work has focused on the collapse limit state
considering the direct simulation of the different possible failure modes. This modes can
involve element separation, the interaction of both vertical and horizontal capacity of the
structural system and debris effects. The nonlinear time history analyses have been carried
out using the Extreme Loading for Structures, ELS, software (Applied Science International
(ASI), 2010). This software depends on the AEM and allows for direct modelling of element
separation and element contact. Therefore, some collapse mechanisms; such as pancake
collapse mode and vertical collapse mode, due to failure of more than one vertical structural
member or vertical and horizontal structural members, which have not been studied before,
can be investigated using the AEM. As mentioned earlier, most seismic collapse assessment
studies have utilised OpenSees platform or other FEM software for side-sway collapse
simulation only. Vertical collapse due to the loss of axial capacity a column has been detected
by post-processing the IDA results. It was considered that AEM was more appropriate than
FEM for the research described in the thesis because of the way in which separation and
contact were modelled in a appropriate way.
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3.1 Introduction
The Applied Element Method, AEM, was developed by Tagel-Din and Meguro (Tagel-Din
and Meguro, 1999a). This method combines the advantages of both, the Finite Element
Method, FEM, and the Discrete Element Method, DEM. By using the AEM, the response of
the structure can be followed all the way to collapse involving the elastic stage, crack
initiation and propagation, reinforcement yielding, large deformations, element failure and
separation, rigid body motion of falling elements, collision between elements, and impact
forces resulting from falling debris, with acceptable accuracy and within a reasonable CPU
time. This method can be easily applied to a wide range of applications; both for small and
large deformation ranges under static or dynamic loading conditions, and for linear or
nonlinear materials.
This chapter summarises the theoretical background to the Applied Element Method, in
particular, those aspects associated with seismic progressive collapse analysis. The validation
and application of the AEM in different fields are discussed, and the limitations of the AEM
and its advantages are presented.

3.2 Element formulation in the AEM
3.2.1 Stiffness matrix
In the AEM, the structure is modelled as an assembly of relatively small rigid elements, as
illustrated in Figure 3-1. The elements are connected by sets of three nonlinear springs (one
normal and two shear springs) located at contact points, and distributed along the element
surfaces. Each set of springs represents the stresses, strains, deformations and failure of a

certain volume, an area d Ï t with length a. The AEM is a stiffness-based method, in

which the stiffness of each pair of normal and shear springs connecting the element
centrelines is calculated as in Equations 3-1 and 3-2.
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TÏÏ:


Equation 3-1
Equation 3-2

Where >! is the stiffness of the normal spring; >@ is the stiffness of the shear spring; d is the

distance between the springs; t is the element thickness; a is the length of the representative
area; and E and G are the Young’s modulus and the shear modulus of the material,
respectively.

Figure 3-1: Modelling of structure in the AEM (Meguro and Tagel-Din, 1999a)
In the reinforced concrete model, two types of springs are used, namely matrix springs
for concrete, and reinforcement springs for steel bars, as shown in Figure 3-2 (Applied Science
International (LLC), 2010). Reinforcement springs can be set at the exact location of the steel

bars so that all reinforcement details and amounts can be easily considered. In the case of the

reinforcement spring, the representative area d Ï t is replaced by the reinforcement bar
area.
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Concrete springs

Reinforcement springs
Figure 3-2: Concrete and reinforcement springs (Applied Science International (LLC), 2010)
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In general, each element has six degrees of freedom, calculated at the element centre of
gravity to represent the rigid body motion of the element. Although the element shape is not
deformable and the element moves as a rigid body during analysis, the behaviour of the
element assembly is deformable, due to the deformations in the springs distributed around
each element.
Although the reinforcement spring and the neighbouring concrete spring have the same
strain, relative displacements can occur between reinforcement bars and the surrounding
concrete, due to the assumption that the failure of concrete springs occurs prior to the failure
of reinforcement springs.
In the two-dimensional model, each element has three degrees of freedom. The size of the

element stiffness matrix is 6 Ï 6. The element stiffness matrix is determined based on the

relative coordinates between the location of the contact points and the element centreline and
on the spring stiffness, as shown in Figure 3-3.

Figure 3-3: Element shape, contact point and DOF (Meguro and Tagel-Din, 2001)
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Each component of the element stiffness matrix as it relates to a degree of freedom can
be obtained by first applying a unit displacement to the degree of freedom under
consideration and then restraining the remaining degrees of freedom. Hence, the resulting
forces at the element centroid represent the stiffness matrix component as it corresponds to
the DOF. The element stiffness matrix is formulated by combining the contributions of all the
spring pairs distributed over the element edges. The overall global stiffness matrix is
calculated as the sum of the stiffness matrices of all elements in the system.
Equation 3-3 illustrates one-quarter of the element stiffness matrix. The coefficients of

this stiffness matrix, which are related to the three degrees of freedom, u , uo and u , can be

determined by assuming that only one pair of springs connects the two elements, and that
these springs are in a general position, as shown in Figure 3-3, in order to illustrate the
method described above (Meguro and Tagel-Din, 2001).
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Û is the distance between the spring location and the element centroid, and × and B are the
element orientation angles.

3.2.2 Large deformation analysis
A relatively simple technique called the geometrical residuals technique is adopted in the
proposed method to account for geometric nonlinearity. In this technique, the effects of the
geometrical changes are accounted for by determining and then redistributing residual forces
resulting from the geometrical changes, R T , and by recalculating the structure stiffness matrix
after modifying the structure geometry (Meguro and Tagel-Din, 2002).

The geometrical stiffness matrix, which is very difficult to calculate in the case of
element separation and materials that have experienced excessive damage, is not required,
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making this method easy to apply to various types of loading conditions and across different
structural configurations.

3.2.3 Determination of mass matrix in the AEM
In the AEM, the mass of the rigid element is lumped at the element centre. As the size of the
AEM element is relatively small, the effect of the lumped mass is similar to that of a
distributed mass. The mass matrix of a square element of thickness t is determined in
Equation 3-4 (Tagel-Din and Meguro, 2000b):
Do Ï t Ï ρ
M
ßMo à A á Do Ï t Ï ρ â
M
D Ï t Ï ρ/6

Equation 3-4

D is the element size, t is the thickness of the element, L is the material density, Æ and Æo

are the element mass in X and Y directions, and Æ is the element mass relative to the
moment of inertia about the axis, which passes through the element centre.

The mass matrix is diagonal positive definite, so the diagonal elements of the mass
matrix should also be positive. The addition of the mass matrix to the stiffness matrix in
dynamic analysis prevents the occurrence of a singular stiffness matrix, especially where
element separation occurs (Tagel-Din and Meguro, 2000b). Element separation is permitted
in static analysis, due to the absence of the mass matrix.

3.2.4 Determination of damping matrix in the AEM
In the nonlinear response stage of RC structures, internal damping can arise due to the
following (Tagel-Din and Meguro, 2000b):
1. Concrete cracking.
2. Energy dissipation due to the loading and unloading of compression springs.
3. Unloading of reinforcement after yielding.
4. Energy dissipation due to crack opening and closure. Shear stiffness is equal to
initial shear stiffness in the case of crack closure. The shear forces that develop
through the crack closure process are redistributed, leading to shear energy
dissipation during the crack reopening process.
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5. Friction between elements during contact.
6. Unloading factors during contact.
The sources of internal damping forces mentioned above, are automatically considered
in the nonlinear response of structures using the AEM. In the elastic range, these effects from
internal damping forces are neglected. Thus, an external damping matrix, MCN, is required at

this stage to account for internal damping (Applied Science International (LLC), 2010). The
damping matrix is mass proportional and depends on the first mode of vibration, as in
Equation 3-5.
MCN A 2ξω MMN

ξ is the damping ratio, and ω is the first natural frequency.

Equation 3-5

3.3 Eigenvalue analysis
The AEM allows for analysis to be conducted in the frequency domain. The technique of
vector iteration with shifts is utilised for Eigenvalue analysis (Tagel-Din and Meguro,
2000b). Using this approach, as many pairs of natural vibration modes and frequencies as
required can be obtained; Equation 3-6 shows the case of free vibration with zero damping.
åωo MMN y MKNæMUN A 0

Equation 3-6

ω is the eigenvalue vector, MMN and MKN are the mass and stiffness matrix, and MUN is the
displacement vector.

3.4 The numerical technique adopted for solving collision and
contact problems
In order to check for collisions between elements in the AEM, a simplifying assumption is
made, in which the element shape is assumed to be circular in the 2 D model, as shown in
Figure 3-4. This approximation is acceptable since the element size is relatively small, and
the assumption can also be applied to large elements, because the element corners are
generally broken as a result of stress concentrations during the collision process.
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Consequently, only the distance between the element centres is determined to check for recontact between elements (Tagel-Din and Meguro, 1999a).
To reduce the time required for checking the collisions between elements, the
geometrical coordination technique is used. When using this technique, the space is divided
by grids of a reasonable size. During the analysis, the geometrical coordinates of each
element are determined according to location, which changes during the analysis process, due
to geometric nonlinearity. By adopting this technique, collision is checked for between the
element and surrounding elements only (Tagel-Din and Meguro, 1999a).
Relatively large incremental times can be used before a collision occurs, while the time

increment used during contact should be less than the contact time, QR , which is a function of

the element mass, the stiffness of the collision spring and the rebound factor, r, as illustrated
in Equation 3-7. Further details about this factor are provided in Section 3.6.3.
D: A o ¡ e 1  r
ç



Equation 3-7

When a collision occurs, energy is transferred between elements in contact via contact
springs, which are generated at the contact point. Linear springs, normal and shear springs are
created at each contact point; this makes it possible to represent material behaviour during
collision. The direction of the normal spring passes through the centres of both elements,
while the direction of the shear spring is perpendicular to the normal spring at the point of
contact. Elements may separate and come into contact again, either with the same or different
elements.
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Figure 3-4: Collision between elements (Raparla et al., 2011)
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3.5 Element formulation in collapse analysis
In the AEM, the dynamic equation of motion under seismic loading is as described in
Equation 3-8 (Tagel-Din and Meguro, 1999a):
MMN∆uè  MCN∆ué  MKN∆u A ∆ft  RU  RT

Equation 3-8

[M] is the mass matrix, [C] is the damping matrix, and [K] is the matrix of global nonlinear
stiffness.
∆u,è ∆ué and ∆u are the incremental acceleration, velocity, and displacement vectors,
respectively.

∆ft is the incremental applied load vector, ∆ft A yMMNM∆uè T N in the case of seismic loads
and ∆uTè is the gravity acceleration vector.

R T is the residual load vector due to geometric changes (Meguro and Tagel-Din, 2002).

R U is the residual load vector due to cracking or incompatibility between spring stress and

the corresponding strain (Meguro and Tagel-Din, 2002). The effects of material nonlinearity
are considered in R U and MKN.

The nonlinear Equation 3-8 is solved by a dynamic step-by-step time integration
method, the Newmark’s Beta method, assuming small deformations during each increment
and using a small time increment. This algorithm is numerically stable. Failure and element
separation do not lead to a singular matrix in dynamic analysis, since the mass matrix, which
is added to the stiffness matrix, results in a positive definite stiffness matrix. As previously
mentioned, element separation is not permitted in a static analysis, because the stiffness
matrix may become singular.
The numerical procedures for applying this approach are (Tagel-Din and Meguro, 1999a):
1. Solve Equation 3-9 under gravity loads to obtain the displacements, stresses and
strains.
MKN∆u A ∆fH
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Where ∆fH is the incremental static load vector.

2. Assume zero values for R U and R T .

3. Choose a value for the time increment to be used in the AEM analysis. A relatively
large time increment can be used before the occurrence of a collision. However, the
selected time increment should fulfil the assumptions of small deformation theory
during each time increment. This requires that the incremental geometrical changes of
the structure relative to its global dimensions should be small.
4. Utilise the Newmark’s Beta method to solve Equation 3-8 in order to obtain the
displacement ∆u as in Equation 3-10.
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Equation 3-10

5. Modify the geometry of the structure based on the calculated ∆u, by adjusting the
element locations and orientations.

6. Update the directions of the spring force vectors that correspond to the new element
geometry. This modification then generates incompatibility between the applied loads
and the calculated stresses, as well as to the damping and inertia forces.
7. Determine the geometrical coordinates of each element.
8. Check whether collisions between each element and the surrounding elements occur
or not. if collision occurs, several steps are followed:
•

The value of the time increment used during the contact process is reduced. A number
of factors should be considered to select a proper value, including: the relative
element velocity before and following contact, the energy transmitted during the
contact process and the time of contact between elements.

•

Three collision springs, a normal one and two shear springs, are established at each
contact point, as shown in Figure 3-4. These collision springs are activated during the
occurrence of contact and are deactivated when separation occurs by removing them
and applying the relevant shear and tension residual forces in reverse directions.

•

The global stiffness matrix, which is a sparse matrix, is modified in order to account
for changes in the contact between elements, separation and existing contact between
elements. For more details about how the sparse global stiffness matrix can be
modified see (Tagel-Din and Meguro, 1999a).
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9. Check if cracking has occurred and determine the material residual load vectors, R U .

10. Determine the element force vector, F , as the summation of the forces in all the
springs surrounding each element, including the collision springs.

11. Calculate the geometrical residual forces, R T , due to the geometrical changes, using
Equation 3-11:

RT A ft y MMNuè  MCNué yF

Equation 3-11

12. Calculate the stiffness matrix for the new structure’s configuration, including cracking
and yielding conditions.
13. Calculate the incremental displacements by solving Equation 3-12.
MMN∆uè  MCN∆ué  MKN∆u A ∆ft  RT

Equation 3-12

14. Calculate the incremental strain and stress in each element.

15. Calculate ∆ué , ∆uè , ué , uè .

16. Apply the next time increment and repeat the calculation from step 5.

3.6 Material modelling
3.6.1 Concrete models
For cracked and uncracked concrete under compression, the Maekawa model, a pathdependent constitutive model, is adopted, as shown in Figure 3-5 (Maekawa, 1991). This
elasto-plastic and fracture model allows for convenient representation of the loading,
unloading, and reloading conditions. Calculation of the tangent modulus depends on the
strain at the spring location. In order to define the compressive stress-strain envelope, the
values of three parameters are required, the initial Young's modulus of concrete, the fracture
parameter and the compressive plastic strain. The fracture parameter represents the extent of
the internal damage to the concrete.
A minimum value, which is set as equal to 0.1% of the initial spring stiffness, is
assumed for the spring stiffness after attaining peak stress, in order to avoid negative values
of stiffness. Consequently, the calculated stress and that which corresponds to the spring
strain becomes different. To solve this problem, the forces related to residual stresses are
applied in a reverse direction in the next loading step.
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The transverse reinforcement confines the concrete and increases compressive strength.
The effects of biaxial confinement in compression areas are considered in the AEM by
adopting the biaxial failure function, as developed by (Kupfer et al., 1969). A modified
compressive strength related to each spring, fvw , is determined utilising Equation 3-13.
fvw A
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Equation 3-13

σ and σo are the normal and the secondary stress of the spring, and f is the concrete
compressive strength.

It is apparent that the spring compressive strength depends strongly on the stress state at
the spring location.
For concrete in tension, the stiffness of the concrete springs is assumed constant and set
as equal to the initial spring stiffness up to cracking point. After reaching this point, the
tensile stress drops to zero and the spring stiffness is assumed to be equal to zero. Residual
stresses are then redistributed by applying residual forces in a reverse direction in the next
loading step.
The shear model used is shown in Figure 3-6. The shear stiffness is assumed to be
linear until cracking. After cracking, shear stiffness is assumed to be zero and shear stresses
decrease to a constant value. In order to represent the effects of shear friction and
interlocking, a redistributed proportion of the shear stresses, RV, assumed to be 0.5, is
considered as shown in Figure 3-6 (Meguro and Tagel-Din, 2001).
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Figure 3-5: Constitutive model for concrete in compression and tension (Tagel-Din and
Meguro, 2000b)

Figure 3-6: Constitutive model for concrete in shear (Meguro and Tagel-Din, 2001)
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3.6.2 Reinforcement steel model
The bilinear stress-strain relationship developed by (Ristic et al., 1986) is used for
reinforcement, Figure 3-7.
The stiffness of the steel spring after yielding is set to 1% of the initial spring stiffness.
Bauschinger’s effect and unloading effects are considered. The tangent stiffness is calculated
depending on the strain history of the steel spring including loading and unloading effects.
The steel spring is assumed to fracture after reaching the failure criterion. When the
reinforcement fractures, the residual forces in the reinforcement are redistributed by
application of these forces in a reverse direction during the next loading step.

Figure 3-7: Constitutive model for reinforcement used in AEM (Tagel-Din and Meguro,
2000b)

3.6.3 Collision spring
When a collision occurs, energy is transmitted between elements in contact through collision
springs, which represent the material behaviour during the collision. Two linear springs,
normal and shear springs, are added at each contact point. The stiffness of the normal spring
is determined by Equation 3-14 (Tagel-Din and Meguro, 1999a):
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Equation 3-14

E is the minimum value of the Young’s modulus of the colliding elements, t is the element
thickness, D is the distance between the centres of the contacted elements, and d is the
contact distance, which is taken as 10% of the size of the element.
The aim when using normal springs is to transmit the stress waves that result from the
impact between elements. Normal springs are not permitted to fail in compression or to have
tensile forces. A tensile force means that the elements in contact will separate and the contact
springs will be removed and the residual shear and tension forces in the springs redistributed
in the following increments (Tagel-Din and Meguro, 1999a).
The stiffness of the shear contact spring, which is affected by friction properties, is
assumed to be 1% of the normal spring stiffness because the shear forces transmitted are
often less than the normal forces (Tagel-Din and Meguro, 1999a).
Energy dissipated during collision can be determined by using different values for
loading and unloading spring stiffness, as shown in Figure 3-8. Using this technique leads to
a reduction in the CPU time, since a small value of time increment is only required during
contact. “n” is defined as the ratio between loading and unloading stiffness. The relationship
between n and the rebound factor, r, which represents the ratio between the relative velocity
of the element before and after collision, is defined in Equation 3-15 (Tagel-Din and Meguro,
1999a):
rA



√

Equation 3-15

The value of r is in the range of zero to one and can be determined according to the
conservation of momentum. When r and n are equal to one, then no energy will be lost during
collision and the velocity before and after collision will remain constant. While all kinetic
energy is dissipated during contact in the case of r equals to zero. Having a value of 10 for n
indicates that 90% of the element’s energy is lost during contact.
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Figure 3-8: Load-displacement relationship of a collision spring (Tagel-Din and Meguro,
1999a)

3.7 Criteria adopted in the AEM
3.7.1 Cracking criterion for concrete
Modelling the diagonal cracking in concrete can be performed by adopting a failure criterion
based on principal stresses rather than on the Mohr-Coulomb criterion. The Mohr-Coulomb
criterion, which depends on two stress components, normal and shear stresses, is an accurate
tool for a structure comprised of elements; such as masonry structures. In the AEM method,
structures are virtually divided into elements. Even though normal and shear stress at the
element edge change according to the mesh arrangements, principal stresses do not change
(Meguro and Tagel-Din, 1999a). Hence, using the Mohr-Coulomb criterion for a continuum
material may yield inaccurate results (Tagel-Din and Meguro, 2000c). Principal stresses can
be calculated based on spring stresses, since the stresses and strains surrounding each element
can be obtained accurately using the AEM (Meguro and Tagel-Din, 1999a).
The stresses at each spring location, which are required for calculating the major

principal stress, are σ , τ, σo , as shown in Figure 3-9.
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Figure 3-9: Principal stress determination (Tagel-Din and Meguro, 2000c)
The shear stress, τ and normal stress, σ at a contact point; such as A can be found from

the normal and shear springs attached at this point. Equation 3-16 shows the technique used
for calculating second direct stress, σo , depending on normal stresses at two points B and C,

as illustrated in Figure 3-9. The principal tension is then determined using Equation 3-17
(Tagel-Din and Meguro, 2000c).
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Equation 3-17

When the value of the major principal stress, σ$ , reaches the maximum tensile resistance of

concrete, a crack in the concrete is assumed to occur. The forces in both normal and shear
springs are then redistributed and reapplied in the reverse direction in the next time increment
resulting in zero tension stress on the crack faces, due to the redistribution of all the force in
the normal spring. The stiffness of the shear spring is set as equal to zero and a redistributed
value, RV, is considered to represent the friction and interlocking effects as previously
mentioned. After cracking, the stiffness of concrete springs is then set as equal to zero until
the occurrence of crack closure.
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For springs in compression, the Mohr-Coulomb failure criterion is adopted to check
compression shear failure. A zero value for shear stiffness, with a redistributed value, RV, is
utilised when compression shear failure occurs. The angle of the local crack, V, can be found

from Equation 3-18 (Tagel-Din and Meguro, 2000c).
tan2V A ³ö

oõ

 ö¦

¶

Equation 3-18

The crack direction is parallel to the element edge when the shear stress is equal to zero.
As shown in Figure 3-10, modelling a diagonal crack can be performed in two ways as
follows (Tagel-Din and Meguro, 2000c):
1. Dividing the element into two parts. Each part has three degrees of freedom and new
springs are generated between the crack surfaces of the two parts. Tension stress
redistribution takes place at the plane of principal tension stress and a zero shear
plane. This method is accurate for calculating the width and direction of cracks as
well as failure due to compression shear. However, it is time consuming because it
causes a large increase in the number of elements, in addition to a reduction in the
element size due to the existence of cracks. The size of the global stiffness matrix
rises rapidly because of the existence of new elements. Calculating the spring
stiffness of cracked elements is less accurate than calculating the spring stiffness
before cracking, since the springs do not represent a constant area after element
separation.
2. Redistributing stresses that result from cracking rather than splitting the element, and
setting the stiffness of failed springs equal to zero.
This method is less accurate than the previous one. In this simple method, failure of the
attached springs, as they reach the failure criterion, represents failure inside the element.
Despite these simplifications, this method still gives reasonable results.
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Figure 3-10: Different strategies to deal with cracking (Applied Science International (LLC),
2010)
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3.7.2 Failure Criterion for concrete
The average normal strain at each element face is determined from the average of absolute
values of strains on this face. When the value of the average strain at the element face
exceeds a predefined value, called the separation strain, all the springs attached to this face
are considered failed and removed (Applied Science International (LLC), 2010).

3.7.3 Criterion for reinforcement rebar cut
Reinforcement bar springs are assumed to fracture and then cut in either of two cases as
follows (Applied Science International (LLC), 2010):
1. When the failure criterion of the steel springs is met, which means the normal stress
has reached the specified ultimate stress for the steel material. It is important to note
that the bar break occurs due to tension forces only and no failure is permitted in
compression.
2. The strain of the concrete springs satisfies the separation limit. In this case, all
concrete and reinforcement springs are removed even if the reinforcement springs
have compression forces.

3.8 Validation and application of the AEM
A number of studies have been conduced to check the accuracy of the AEM in various fields
of application by comparing the AEM analytical results with theoretical and experimental
results or those obtained from other numerical methods.
The accuracy of the AEM in the range of small deformations and in the case of static
loading conditions has been proven (Meguro and Tagel-Din, 2000, Meguro and Tagel-Din,
2001, Tagel-Din and Meguro, 2000c). Displacements, strains and internal stresses around
elements can be obtained accurately using the AEM. A new technique for large deformations
for both static and dynamic loading conditions has been implemented in the AEM (Meguro
and Tagel-Din, 2002) and it has been indicated that the theoretical and simulation results
were comparable.
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The buckling and post-buckling responses of different structures have also been
examined using AEM in the large deformations range, and good agreement has been
observed between the theoretical results and those obtained from the proposed method for
buckling modes and loads, as well as the post-buckling behaviour (Meguro and Tagel-Din,
1999b).
It has also been shown that the element size, shape and arrangement do not affect the
crack pattern or crack propagation. Hence, the mechanical behaviour of structures including
crack opening and closure process can be followed accurately (Meguro and Tagel-Din,
1999a, Meguro and Tagel-Din, 2001).
The effect of the number of contact springs between elements was investigated using
20, 10 connecting springs (Meguro and Tagel-Din, 2000). The rotational stiffness was
affected by the number of connecting springs, while the translational stiffness was
independent. It was found that using 10 contact springs instead of 20 contact springs to
connect the two adjacent faces of the elements does not affect the accuracy of the results
(Meguro and Tagel-Din, 2000).
Consideration of Poisson's ratio effect, without increasing the number of degrees of
freedom has been taken into account for 2D problems. This can be performed by correlating
each element’s stiffness matrix to the stiffness matrix of each adjacent element, from all
directions using a factor called ‘f’ to represent continuity and by applying an additional term
to the element stiffness matrix (Meguro and Tagel-Din, 2000). For more information about
the technique used for accounting for the Poisson's ratio effect, see (Meguro and Tagel-Din,
2000). It has been noted that no significant additional time is needed to account for the
Poisson's ratio effect using elements with only 3 DOFs. For 3D problems, the effect of
Poisson’s is neglected, as it is relatively small.
The AEM has been extended to account for the collision problem (Tagel-Din and
Meguro, 1999a). Good agreement was observed when comparing the analytical and
theoretical results. It should be emphasised that the behaviour of structures during collapse
and collision can be traced effectively with the AEM. It has been proven that element
separation, the rigid body motion of falling elements and element collision, either with each
other or with the ground, can be followed reliably (Tagel-Din and Meguro, 1999a).
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Comparison of the results of the AEM model for a scaled eleven-storey RC structure
(1/15) subjected to a series of scaled motions, with those obtained from shaking table
experiments has proven that the AEM is an efficient tool for collapse simulation. Even
though the experiment was only performed up to the beginning of the collapse, due to the
limitations of the capacity of the shaking table used, realistic results were obtained from the
collapse simulation using the AEM, with relatively simple models for concrete crushing and
reinforcement fracture (Tagel-Din and Meguro, 1999b, Tagel-Din and Meguro, 2000a).
An AEM analysis can be performed either in the time domain or the frequency domain.
The accuracy of the AEM for determining the natural frequency of damaged structures prior
to collapse has been proven by comparing experimental and numerical results (Uehan and
Meguro, 2004b, Uehan and Meguro, 2004a). It has been found that the natural frequency can
be used as a measure of damage.
The AEM is not only an effective tool for investigating the progressive collapse of
steel, reinforced concrete or masonry structures under different loading conditions, such as:
blast, flood (Hamed, 2011), seismic loading or the demolition scenario, but also for assessing
the response of structures with different types of strengthening, leading to the selection of the
most effective strengthening techniques (Dessouky et al., 2007, Hamed, 2011, Karbassi,
2010, Karbassi and Nollet, 2008, Lupoae et al., 2011, Raparla et al., 2011, Pandey and
Meguro, 2004, Worakanchana et al., 2008, Uehan and Meguro, 2004b). Understanding of the
collapse process has been the aim of most studies. The conclusions reached in some of these
studies have provided direction to improve the design of new structures; offering more
effective retrofitting techniques for existing structures or more economical design against
progressive collapse by investigating the effects of utilising different retrofitting strategies
(Galal and El-Sawy, 2009, Hamed, 2011, Khalil, 2011, Salem et al., 2011, Uehan and
Meguro, 2004b). It has been found by Wibowo et al., that the progressive collapse of RC
bridges can be reliably predicted using the AEM (Wibowo et al., 2009, Wibowo, 2009).
The accuracy of using AEM for the demolition analysis of reinforced concrete
structures has been evaluated by (Lupoae and Bucur, 2009, Sasani, 2008). The AEM results
show good agreement with those observed during the actual demolition of full-scale
structures.
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The AEM allows for the modelling of masonry walls, free standing or inside steel or in
reinforced concrete frames. Bricks and mortar can be individually simulated (Guragain et al.,
2006, Pandey and Meguro, 2004). The effects of infill walls on the progressive collapse of
reinforced concrete structures subjected to blast loads, or due to demolition, have been
investigated using the AEM (Lupoae et al., 2011, Sasani, 2008). Based on the AEM results,
the load distribution mechanism associated with the vierendeel action of frames can be
properly explained and hence understood.
It was proven in comparison with experimental results that the crack pattern and the
force-deformation relationship of non-retrofitted masonry walls with different configurations
(Pandey and Meguro, 2004) and of retrofitted masonry walls with Polypropylene bands under
monotonic and cyclic static loading can be simulated accurately using the AEM (Guragain et
al., 2006, Worakanchana et al., 2008).
The Improved Applied Element Method, IAEM, has been developed for collapse
analysis of steel structures (Elkholy and Meguro, 2004). Modifications made in the AEM
allow simulation of non-rectangular cross-sections utilising large elements, as shown in
Figure 3-11. The stiffness of both the normal and shear springs of an element can be
determined using a different thickness from that used for calculating the stiffness of the
adjacent set of springs connected to the same element as illustrated in Equations 3-19 and 320. In addition, the effect of any changes in the thickness of the cross-section is considered
when calculating the lumped mass, as illustrated in Equation 3-21.
k ! A
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Equation 3-19
Equation 3-20

k  is the stiffness of the i normal spring, k H is the stiffness of the i shear spring, and T , TH are

the thickness represented by the i set of springs for normal and shear springs, respectively.
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t  is the average element thickness, and nsp is the number of pairs of springs connected to

the element.

In the IAEM, the plastic zone solution is adopted for modelling the spread of plasticity,
assuming that the contact springs are fibers. Good agreements have been observed between
the theoretical and the IAEM results for ultimate load-carrying capacity. Further development
is still necessary to consider the effects of local and lateral tortional buckling.

Figure 3-11: Element shape for IAEM (Elkholy and Meguro, 2004)
The capabilities of the AEM, in regards to simulating the highly nonlinear response of a
porous glass fiber reinforced polymer, GFRP, barrier subjected to blast loads, has also been
also demonstrated based on comparisons with experimental data (Asprone et al., 2010). The
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results have indicated that strains and accelerations in the barrier can be predicted well by the
AEM.

3.9 Limitations of the AEM method
The material models for concrete and reinforcement in AEM do not consider the effects of
the following (Tagel-Din and Meguro, 1999a):
1. Strain rate effects.
2. Tension softening.
3. Spalling of concrete cover, as well as pull out and buckling of reinforcement bar.
This is because steel rebar and concrete have the same DOF, as they are modelled by
springs attached to rigid elements.
4. An AEM model capable of considering the effects of reinforcement buckling and
concrete spalling has been developed and validated under quasi-static cyclic loading
for a column specimen, in which, the collapse mainly occurred due to these two
effects (Kuroda et al., 2004). This model has not been implemented in Extreme
Loading for Structures software yet, since further research is still necessary. Using
the developed model, the response of a concrete pier that collapses in a brittle shear
mode has also been investigated by (Kuroda et al., 2004). More details about this
model are available in (Kuroda et al., 2004).

3.10 Simplifying assumptions in the AEM
Other simplifying assumptions adopted in the AEM are as follows:
1. The duration of the fracture process of springs, concrete or steel, which depends on
the value of the post-peak strain, is ignored in this method. Hence, all forces in the
failed springs are redistributed in the following time increment, regardless of the
post-peak strain value (Tagel-Din and Meguro, 1999a).
2. To avoid overlap between elements in contact, springs in compression are not
allowed to fail after reaching a value of 0.01 of the concrete strain (Tagel-Din and
Meguro, 1999a).
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3. Simulation of crack widths is not very accurate, so shear transfer and shear
softening, which depend on the crack width, are only approximately considered
(Tagel-Din and Meguro, 2000c).

4. Modelling of compression shear failure is not accurate if the angle β is not
approximately zero (Tagel-Din and Meguro, 2000c).

3.11 Advantages of the AEM
The advantage of this numerical technique can be summarised as follows:
1. The numerical method is stable even in the case of collapse and element contact
(Tagel-Din and Meguro, 1999a).
2. No previous knowledge about the location and direction of crack propagation or
failure modes is required.
3. The effects of falling debris on structural response can be investigated reliably using
this method (Tagel-Din and Meguro, 1999a).
4. Reasonable CPU times are required to perform the analyses.
5. Partial as well as total collapse can be simulated.
6. The complete response of a structure from the loading stage until total collapse can
be simulated with acceptable accuracy.

3.12 Summary
A detailed description of the theoretical background of the Applied Element method has been
provided in this chapter, including element formulation in collapse analysis, material
modelling, techniques for solving collision problems and failure criteria. The validation and
application of the AEM in different fields have been introduced. The simplification
assumptions made in the AEM, in addition to the advantages of using this method, have been
presented.
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4.1 Introduction
This Chapter describes the details of analyses carried out for three reinforced concrete, RC,
frame structures using the Applied Element Method, AEM. Applied element analyses have
been performed on three reinforced concrete, RC, frame structures previously shake-table
tested. These three frames are a two-storey one-bay RC frame structure (Chaudat et al., 2005)
and two six-storey, three-bay RC plane frames (Lu, 1996, Lu, 2002, Lu et al., 1999). The first
frame is an example of an under seismically designed RC frame structure. While the others
are examples of RC frames seismically that were designed according to Eurocode 8, EC8
(Eurocode 8 (EC8), 1988 (draft); 1994). The objective of the selection of these three frames
is to compare the AEM results with the experimental results reported in other studies (Lu,
2002, Lu et al., 1999, Chaudat et al., 2005), in order to validate the AEM models for
modelling highly nonlinear response of structures under seismic loadings and in simulating
seismic progressive structural collapse.
The nonlinear response of a structure mainly depends on its structural system, loading
pattern, material properties and reinforcement details. Collapse behaviour is expected to be
structure-specific. Therefore, the decision was made to choose different prototype structures
with at least three-bays, formerly designed and analysed by other researchers, in order to
deliver more general conclusions, so that the findings can be applied to any structure. The
minimum required number of bays in any prototype structure, in order to capture the
important features related to interior and exterior beam-column joints, is three (Liel et al.,
2008). A brief description of these three tests is provided.
Extreme Loading for Structure software, ELS, which is based on the AEM, is used as in
(Applied Science International (ASI), 2010). A detailed description of the AEM models is
presented. In order to validate the AEM models, the analytical results are compared with
existing experimental data obtained from previously performed tests. The details of the
comparisons for each example are described in this chapter. The effects of failure criteria on
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the collapse process are investigated, since these are anticipated to be one of the key
parameters that can control the collapse phenomenon.

4.2 Description of shaking table test 1
A test of a full-scale two-storey one-bay RC frame structure was performed on the AZALEE
shaking table in the CEA Laboratory in France in 2004 as part of the European
ECOLEADER project (European Consortium of Laboratories for Earthquake and Dynamic
Experimental Research) (Chaudat et al., 2005). The aim of this test was to understand the
seismic performance of existing RC structures, and to assess the efficiency of using carbon
fiber reinforced polymer, CFRP, materials as a strengthening technique. The frame structure
contained seismically deficient reinforcement details in the beam-column joints, to represent
typical existing buildings, designed according to older seismic code provisions. Two series of
shaking table tests were conducted. The first series was performed on the bare frame, while
the second was carried out on the retrofitted frame. In the first stage, five shaking table tests
were carried out until severe damage was observed, in order to predict the actual behaviour of
the frame. The main objective of using the initial series in this study is to validate the AEM
models at different levels of nonlinearity throughout; by comparing the analytical results
obtained by using Extreme Loading for Structures software, with experimental data obtained
from the initial shaking table tests. Then, the AEM analysis was extended, and the simulation
performed up to the total collapse of the structure, to predict the failure mechanisms of such
structures and to investigate the effect of failure criteria on the collapse process.

4.2.1 Details of test 1 and experimental observation
4.2.1.1 Geometry and reinforcement details of the selected structure
The structural system of this test was a one-bay two-storey spatial regular frame. The

building was 4260 mm Ï 4260 mm in plan with a total height of 6.87 m and a storey height

of 3.30 m. All the columns had rectangular cross sections of 260 mm Ï 260 mm with

longitudinal reinforcements consisting of 8ü14 mm for the first floor columns and 4ü14 mm

for the second floor columns. The dimensions of the rectangular beams were 400 mm Ï

260 mm and the longitudinal reinforcement was 2 Ï 4ü14 mm. The concrete cover was

30 mm. The slab thickness was approximately 120 mm, with two layers of ü9 mm mesh at
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100 mm spacing. Figure 4-1 gives a general view of the test. The dimensions and

reinforcement details in the frame are given in Figure 4-2. Complete details of this seismic
test can be found in (Chaudat et al., 2005).

Figure 4-1: General view of test 1 (Chaudat et al., 2005)

4.2.1.2 Material properties of the RC frame
The properties of the materials used in the construction of the structure were as follows: the

yield and ultimate strength of the longitudinal reinforcement were f= A 551 MPa and

f A 656 MPa, respectively. The yield and ultimate strength of the transverse reinforcements
were f= A 582 MPa and f A 644 MPa, respectively. The modulus of the elasticity of steel

was 200000 MPa and its Poisson ratio was set as equal to 0.2. The average compressive

strength of concrete, f , obtained from 24 cylindrical specimens, was approximately

19.6 MPa and the average modulus of the elasticity of the concrete, E , was

around 23500 MPa (Chaudat et al., 2005).
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Figure 4-2: Dimensions and reinforcement details of test 1 (Chaudat et al., 2005)
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4.2.1.3 Loading of the RC frame
The frame was subjected to its own gravity loads, in addition to a series of excitations with
increasing Peak Ground Acceleration, PGA, levels from 0.05 g to 0.4 g. The self-weight of

the frame was about 20 tonnes. Live and dead loading conditions were represented by

adding two steel plates to each slab. The additional mass, accounting for the live and dead
loads, was about 18 ton. The unidirectional excitations used in these seismic tests were five

artificially generated accelerograms, and compatible with the EC8 response spectrum for soil
profile type C. The PGA of the five accelerograms applied was 0.05 g, 0.10 g, 0.20 g,
0.30 g and 0.40 g.

4.2.1.4 Experimental results
Table 4-1 lists the natural frequencies of the first two modes of vibration of the frame for
each test. The first natural frequency dropped from 1.9 HZ prior to the first test to 0.68 HZ
after the fifth test (Chaudat et al., 2005).
No damage was observed during the first two seismic tests, PGA= 0.05 g and 0.10 g, in
which the response of the frame was almost linear. Damage was initially observed during the
third seismic test at PGA= 0.20 g; diagonal cracks appeared in the first storey joints and
horizontal cracks under the joints of the second storey, as shown in Figure 4-3. This could be
due to the bond-slip of the column reinforcement before yielding (Garcia et al., 2010). More
horizontal cracks were detected above the first storey joints in addition to new cracks in all
the columns and at the base of column 4 during the 0.3 g seismic test. During 0.4 g test, some
cracks were observed around the middle of the column 1 and detachments of concrete were
detected at the base of column 4, as shown in Figure 4-4. It is clear that most damage was
located in the joints and in the columns.
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Table 4-1: Natural frequencies of the frame (Chaudat et al., 2005)
Tests

The first natural

The second natural

frequency (HZ)

frequency (HZ)

Before tests

1.9

5.6

After the test at level 0.05 g

1.66

4.88

After the test at level 0.10 g

1.36

4.3

After the test at level 0.20 g

1.07

3.6

After the test at level 0.30 g

0.88

2.64

After the test at level 0.40 g

0.68

2.54

Figure 4-3: Crack following 0.2 g seismic test; column 2 on the first level, column 3 on the
first level and column 1 on the second level (Chaudat et al., 2005)

Column 1

Base of column 4

Figure 4-4: Crack following 0.4 g seismic test (Chaudat et al., 2005)
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4.2.2 AEM model of test 1
A three-dimensional model of the bare frame structure has been created using the Extreme
Loading for Structure, ELS, software, based on the applied element method adopting a
discrete cracking approach (Applied Science International (LLC), 2010). By using the AEM,
structural behaviour can be automatically traced throughout all the response stages, including
elastic, crack initiation, reinforcement yielding, element separation and collision as well as
the effect of debris loading on the structural system (Tagel-Din and Meguro, 1999a).
Appropriate values for the material parameters, as observed during the test, have been used in
the AEM model to achieve comparisons between the experimental and analytical results. The
results obtained from the AEM analyses have been compared with the experimental data in
terms of the first two periods of vibration, maximum inter-storey drift ratio and storey
displacement records. These comparisons aim to demonstrate the reliability and accuracy of
the AEM model for simulating the seismic response of frame structures, until total collapse.
In AEM, the structure is discretised into a series of relatively small rigid elements
connected together along their faces by a set of nonlinear normal and shear springs,
representing the material behaviour and located at contact points (Meguro and Tagel-Din,

2000). Each of the columns and beams in the structure was divided into 10 Ï 5 Ï 5 and 10 Ï

3 Ï 5 equal elements, respectively. The mesh size used in modelling the slabs was 10 Ï 10 Ï

1 equal elements. The contribution of the slabs to the capacity of the structure to resist

collapse under seismic loadings was considered. The elements were connected together using
sets of three contact springs (normal and two shear springs), to represent the stresses and
deformations of the elements based on the characteristics of the concrete and reinforcement
materials. The structure was modelled using 3400 three-dimensional cubical sub-elements. A
mesh sensitivity check of the AEM model was carried out. A new AEM model was created
with columns and beams divided into 20 Ï 10 Ï 10 and 20 Ï 6 Ï 10 equal elements,

respectively. The analytical results for the storey displacement of both models for the first
two loading stages were compared. It was found that the mesh size adopted yields accurate
results. 10 sets of contact springs were assigned to each two adjacent element interfaces
resulting in 239824 springs in the entire model. All the reinforcement details, longitudinal
and transverse reinforcement of the beams and columns, were explicitly modelled ,as well as
the slab reinforcement, as shown in Figure 4-5, in which the concrete in two columns and
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beams, as well as the concrete in the first storey slab were removed to show the
reinforcement details of these members. Steel springs representing the reinforcement bars
were automatically assigned to the interfaces of the elements at the exact location of the steel
bars.
The material properties used in the AEM model are shown in Table 4-2. The concrete
was represented by matrix springs and the reinforcement by bar springs. In the AEM, fully
nonlinear path-dependent constitutive models are adopted for concrete. The Maekawa
compression model, an elasto-plastic and a fracture model, were utilised for concrete in
compression (Okamura and Maekawa, 1991). While for concrete in tension, a linear stress–
strain relationship was used, until the occurrence of cracking, when the stress fell to zero. For
the reinforcing bar, the model presented by (Ristic et al., 1986) was adopted.

Figure 4-5: AEM model of test 1
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Table 4-2: Material parameters used in the AEM model
Material properties

Young’s modulus MPa

Concrete

Steel (longitudinal-transverse)

Shear modulus MPa

23500

200000

Tensile strength MPa

9038.46

76923

Compressive strength MPa

2.07

551-582

Separation strain

0.1

0.2

Friction coefficient

0.8

0.8

19.60

Ultimate strain

0.1

Ultimate strength /Tensile yield stress

1.19-1.106

Post yield stiffness ratio

0.01

The concrete density for the beams and columns was assumed as equal to 25 kN/m .

The slab weight was increased to account for dead and live loads. Distributed masses and
weights have been used. Hence, the density of the slab concrete were taken as 85.4 kN/m
instead of 25 kN/m , in order to account for the additional weight of the steel plates.

The analysis was performed in a similar manner to the seismic test. The nonlinear
response of the structure is very complicated due to damage accumulation, which is
considered automatically in the AEM model. The first loading stage was the self-weight
stage, in order to account for the effect of the gravity loads, in particular, the initial
deformations and the concrete cracking. The earthquake excitations were applied in the same
sequence as the seismic tests from a PGA level of 0.05 g in the second stage to a PGA level
of 0.4 g in the sixth stage. The duration of each input motion was increased from 40.98 sec to
55 sec with a zero acceleration amplitude loading, as shown in Figure 4-6, in order to allow
the structural response to dampen. The acceleration signal measured at the middle of the
shaking table was used as the input ground motion in the analytical model instead of the
shaking table input signal. The frequency content of these excitations is almost the same, but
their amplitudes differ. Large displacement effects were considered in the analyses. A loading
time step of 0.01 sec was used for the first three stages, and the time step was then decreased
to 0.005 for the remaining stages, in which the structural behaviour became highly nonlinear.
The recorded CPU time of the total nonlinear dynamic analysis of these excitations with a
275 sec duration is about 50 hours, which is a relatively short time with regard to the
76

Chapter 4

Validation of Applied Element Method

structure dimensions, mesh size, loading scenario, loading time step and highly nonlinear
response of the structure. An eigenvalue analysis was carried out to investigate the structure
natural periods of vibration, which change according to the extent of the structural damage.

0.05 g

0.1 g

0.2 g

0.3 g

0.4 g

0.8 g

Figure 4-6: Input ground motions used in the AEM models
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As far as damping is concerned, the analyses were conducted three times with different
damping parameters according to the level of nonlinearity observed during the seismic tests.
Since no damage was observed during the first two seismic tests for PGA levels of 0.05 and
0.1 g, the structural behaviour of the frame was almost linear in these low-intensity ground
motion cases and so the effect of the internal damping was not included. Damping is
therefore modelled as external damping, which is mass proportional and depends on the first
mode of vibration. The elastic damping ratio for the first mode of vibration was assumed to
be 0.01 for a PGA level of 0.2 g and 0.02 for PGA levels smaller than 0.2 g. In contrast, the
effects of internal damping, as previously explained in Section 3.2.4, are dominant in the
nonlinear stage of structural behaviour. Therefore, the analysis was repeated using a zero
value for the external damping in the case of the seismic tests, with PGA levels larger than
0.2 g. The inherent damping, due to the material nonlinearities was sufficient in the nonlinear
analysis and resulted in reasonable energy dissipation, as mentioned in the ELS technical
manual (Applied Science International (LLC), 2010).

4.2.3 Comparison of AEM and experimental results
4.2.3.1 Storey-displacements
Figure 4-7 and Figure 4-8 compare the analytical and experimental displacement records for
the first and second storeys at the PGA levels of 0.05 g and 0.1 g, respectively. As can be
seen, there is good agreement between the experimental and analytical results throughout
almost the entire time duration of this ground motion. This indicates that the AEM model can
capture the linear behaviour of the structure with high accuracy.
Regarding Figure 4-8, small differences in responses are observed from 75 to 80 sec.
However, it is apparent that the values for the maximum displacements, as obtained from
both the test and the analytical model are almost the same. The predicted peak displacement
of the second storey is only about 4% larger than the measured value. While the calculated
maximum displacement of the first floor is about 10% larger than the corresponding
measured ones.
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Time (sec)

Figure 4-7: Displacement response for 1st and 2nd storeys at a PGA level of 0.05 g

Time (sec)

Figure 4-8: Displacement response for 1st and 2nd storeys at a PGA level of 0.1 g
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Figure 4-9 shows that there are small differences in the phase between the experimental
and analytical results after reaching the peak displacement at PGA levels of 0.2 g. This may
be because of the additional measured deformations, due to bar slippage prior to the yielding
of reinforcement (Garcia et al., 2010), which cannot be accurately simulated in the AEM
model. This is because the rebar and the surrounding concrete are modelled using the same
element, but with different springs. Thus, they have the same degrees of freedom (Tagel-Din
and Meguro, 1999a). In addition, changes in the natural period of the frame due to the
reduction in its stiffness could contribute to the phase lag. The structure stiffness may be
reduced due to joint damage occurring during the test, which could not be modelled
accurately in the AEM model. The analytical model is still capable of predicting the peak
displacement with an error of less than 20%.
The experimental and analytical response histories, at PGA levels 0.3 g and 0.4 g are
plotted in Figure 4-10 and Figure 4-11, respectively. In Figure 4-10, the experimental
displacement record of the second storey is only presented up to 248.0 sec, due to failure of
the displacement transducer at this time (Garcia et al., 2010). Thus, a relatively small test
detail of the time history response of the frame has been lost.

Time (sec)

Figure 4-9: Displacement response for 1st and 2nd storeys at a PGA level of 0.2 g
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Although the cumulative error increases following each stage, the overall response of
the structure can still be estimated with a reliable accuracy. As can be seen in Figure 4-10 and
4-11, the top storey displacements are almost the same, but the analytical displacements
overestimate the corresponding measured displacements at the first storey. This could be
attributable to the relatively simple modelling of the joint shear cracking in the AEM and its
effects on the global response. Joint damage in existing RC structures leads to mixed local
and global failures, rather than a pure global failure mechanism. It was observed during the
seismic test that the majority of the damage was concentrated in the beam-column joints, due
to the lack of transverse reinforcement in the joint region. The interaction of the shear
damage in these joints, and the flexural hinging of the adjacent columns may affect the
damage mechanism and delay to some extent the formation of a single soft-storey mechanism
(Calvi et al., 2002a, Calvi et al., 2002b). Based on experimental investigation and analytical
studies using both models with and without modelling the joint behaviour, Calvi et al., found
that the deformation demand in reinforced concrete existing structures, which concentrates in
the joint regions due to the occurrence of joint shear cracking, often leads to a considerable
change in the rotation demand place on the surrounding structural members.

Time (sec)

Figure 4-10: Displacement response for 1st and 2nd storeys at a PGA level of 0.3 g
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Time (sec)

Figure 4-11: Displacement response for 1st and 2nd storeys at a PGA level of 0.4 g
Thus, the occurrence of first soft-storey mechanism may be postponed due to the
redistribution of the inter-storey drift demand between the two storeys adjacent to the
damaged joints (Calvi et al., 2002a, Calvi et al., 2002b).
It should be mentioned that the procedure for modelling joint damage due to shear
failure are very complex. A simple technique for modelling cracks was adopted in the AEM.
The internal failure of an element is representing by the failure of the surrounding springs
(Tagel-Din and Meguro, 2000c). Also, cracks in the joints cannot be simulated with accuracy
as the fracture plane and element edges are not parallel (Tagel-Din and Meguro, 2000c).

4.2.3.2 Inter-storey drift ratios
A comparison between the maximum experimental and the corresponding analytical interstorey drift ratios of the frame for the different PGA levels is shown in Table 4-3. It was
found that the inter-storey drift ratios measured for both storeys are almost the same for low
and medium excitation levels. The results therefore, indicate that the analytical model
generally tends to overestimate the inter-storey drift of the first storey at high excitation
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levels, 0.3 and 0.4 g, while the inter-storey drift at the second storey is underestimated. The
analytical inter-storey drift at the first storey is slightly bigger than that at the second storey.
However, on the contrary, the measured inter-storey drift ratios for the second storey
increased rapidly during the 0.4 g excitation due to the shear failure of the beam-column
joints on the top floor of the frame (Chaudat et al., 2005). These differences could be
attributed to the approximations in the modelling of the joint shear failure in the AEM, as
discussed earlier. It was confirmed that joint shear damage in RC existing structures can
reduce inter-storey drift demand with relatively minimal alterations to the demand for global
displacement (Calvi et al., 2002a). Modelling this type of problem, which involves failure in
joints, is complex. AEM models cannot accurately predict the effect of joint damage on the
seismic behaviour of structures. In addition, the previous response histories of the frame
under a number of loading stages, and the effects of multiple loading stages on cracking
propagation can make the structure’s response more complicated.
Spalling of the concrete cover, as observed during 0.4 g test, cannot be modelled, due to
the limitations of this software (Tagel-Din and Meguro, 1999a). This suggests a need for
further research to consider the additional effects of shear transfer and shear softening, as
well as the spalling of the concrete cover (Tagel-Din and Meguro, 1999a). It is interesting to
note that despite all of these aforementioned limitations, a reasonable estimate for the seismic
response of the studied structure was obtained using the AEM model.
Table 4-3: Comparisons between the maximum experimental and the corresponding
analytical inter-storey drift ratios
PGA

The 1st storey

The 2nd storey

level

Experiment

Analyses

0.05 g

0.0019

0.0019

0.1 g

0.0040

0.2 g

Error%

Experiment

Analyses

0

0.0015

0.0016

7

0.0045

13

0.0032

0.0033

3

0.0138

0.0160

16

0.0118

0.0106

-10

0.3 g

0.0208

0.0277

33

0.0211

0.0163

-23

0.4 g

0.0203

0.0283

39

0.0390

0.0200

-49
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4.2.3.3 The natural frequency
The variation in the dynamic characteristics of the structure, as measured by the fundamental
period of vibration, is investigated using AEM models. It has been proven, by comparing
experimental and analytical results, that the AEM can accurately trace the changes in the
natural frequency of reinforced concrete structures, due to the spread of cracking and damage
(Uehan and Meguro, 2004b).
The fundamental period of vibration of the studied frame is shown in Table 4-4. The
initial first natural period obtained from the analytical model is 0.48 sec, while the
corresponding experimentally measured period is about 0.53 sec. This discrepancy could be
attributed to some shrinkage cracks, which may have developed in the specimen prior to the
seismic tests. It is clear that the analytical and measured structural periods of this frame are
similar at the PGA level of 0.05 g.
In general, the natural periods calculated are slightly shorter than the measured ones.
This could be due to the reduction in the structure stiffness following the occurrence of
diagonal cracking in the joint region, which cannot be accurately modelled in the AEM.
Figure 4-12 and Figure 4-13 illustrate the changes in the smooth simulated fundamental
vibration period at four PGA levels, namely 0.05, 0.1, 0.3 and 0.4 g. The moving mean
average is used for smoothing these plots with a window size of 0.2 (MATLAB, 2008 ).
Table 4-4: Fundamental period of the frame
1st natural period
Analyses

Experiment

PGA level
At the end of the
analysis

Maximum value
during the
loading stage

At the end of
the test

own weight and dead load

0.48

0.53

0.05 g

0.58

0.60

0.60

0.1 g

0.615

0.70

0.73

0.2 g

0.75

0.92

0.93

0.3 g

0.87

1.22

1.14

0.4 g

0.9

1.29

1.47
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Figure 4-12: Simulated fundamental vibration period at PGA levels of 0.05 and 0.1 g

Figure 4-13: Simulated fundamental vibration period at PGA levels of 0.3 and 0.4 g
As can be seen, the fundamental period starts to increase in response to the spread of
damage and crack propagation. A significant increase in the vibration periods of the frame
has been noted during intervals of high seismic amplitude, as a result of the higher
deformation experienced by the structural system; while the stability of the first natural
period was observed in the time interval involving low-amplitude shaking. Changing the
direction of seismic loading, as well as its value, considerably affects the global stiffness of
the structure. In general, two different groups of cracks often exist simultaneously during
seismic loading, when cracks in the first group open, cracks in the other tend to close
(Meguro and Tagel-Din, 1999a). The width of the crack increases as the loading intensity
rises, leading to a reduction in structural stiffness (Tagel-Din and Meguro, 1999a).
Consequently, the stiffness of a damaged element, such as a corner column, can be
immediately increased with the reversal of the load direction, and hence a displacement
reversal. Changes in the global stiffness matrix are associated with crack closure and opening
throughout the entire structure. Loading, unloading and reloading stiffness depends on the
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crack closure mechanism and the previous deformation history (Tagel-Din and Meguro,
1999a).
It can be concluded from comparing the results of the shaking table test with increasing
PGA levels with the AEM models that the analytical models adopted can provide a
reasonable estimate of the displacement demands and the natural frequency under different
seismic excitations, as confirmed by other studies (Tagel-Din and Meguro, 2000c, Uehan and
Meguro, 2004b).

4.2.4 Collapse analysis under high intensity ground motion
In order to investigate the collapse behaviour of the frame, the analysis has been extended.
The damaged frame has been next subjected to an additional excitation of 0.8 g as shown in
Figure 4-6.
Large displacement effects, element separation and contact, as well as rigid body
motion have been considered in the AEM models. The separation of elements has been
assumed to occur when the strain of the matrix springs connecting the elements reaches a
value of 0.1. The detection of a contact between elements, as well as collision effects are
automatically included. The failure criteria parameters related to concrete crushing and
ultimate failure of the reinforcement bars are listed in Table 4-2. When elements collide,
energy is transferred between them through contact springs, which are generated
automatically at the contact location. Normal and two shear springs are generated at each
contact point. The recommended value of the contact spring parameters, which depends on
the type of the selected materials, are adopted since no actual values are available (Applied
Science International (LLC), 2010). Normal and shear contact stiffness factors adopted are

10^o and 10^ , respectively. The normal contact stiffness is higher than the shear contact

stiffness. This is because the normal force, which is transmitted during contact, is always
higher than the corresponding shear forces (Applied Science International (LLC), 2010). The
adopted value of contact spring unloading stiffness factor is set as equal to 10, which means
that 90% of the impact energy is dissipated during contact (Applied Science International
(LLC), 2010). A value of 0.8 is used as the friction coefficient. Energy resulting from
element impact is dissipated during contact throughout due to the internal friction. In
addition, the unloading stiffness factor, which represents the ratio between loading and
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unloading stiffness of a contact spring, also controls the dissipated energy during contact, as
previously explained in Section 3.6.3.
Figure 4-14 provides an insight into the progression of damage and the collapse
mechanism. The structure starts to free-fall at 288 sec. The entire structural collapse takes
place at about 290 sec, while the first element separation occurs at 278 sec in the columnbeam joint of the first storey. It should be noted that the collapse duration is very small
because the structure has been severely damaged from the previously applied seismic
excitations and it collapses in a side-sway mechanism, a soft-storey mechanism, which takes
place during the interval of maximum amplitude of shaking. In addition, the time required for
the fracture process is neglected in the AEM, as the residual forces in the failed springs prior
to separation are redistributed in the next time increment (Tagel-Din and Meguro, 1999a,
Tagel-Din and Meguro, 2000c).
As can be seen from Figure 4-14, a first-storey collapse mode occurs. Although the
structure fails with a first-storey mechanism, plastic hinges also form at the top and bottom of
the columns of the second storey and some of the element separation occurs in the joint
region of the first storey, as illustrated in Figure 4-15. Following the collapse of the columns
of the first storey, the top part of the structure moves as a rigid body, colliding with the
ground. The impact forces, resulting from the collision between the first storey and the
ground, cause considerable damage to the members of the second storey leading to total
collapse. The horizontal and vertical displacements of both storeys during the collapse
process as well as the fundamental period of vibration are shown in Figure 4-16.
Regarding the seismic test, significant damage was anticipated to occur in the columnbeam joints, in addition to flexural failure in most columns, while the transverse
reinforcement in the columns and beams was sufficient to avoid shear failure. The analytical
results were similar to some extent to the experimental damage pattern, in which the beams
experienced slight damage and the plastic hinges, element separation, formed in the columns
rather than the beams. The slab system affects the frame’s capacity to resist collapse by
contributing to the strength and stiffness of the beams. However, the columns of the first
storey suffered severe damage and failed before the column capacity at the second storey was
completely utilised, contrary to the experimental results.
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289 sec
288 sec

290 sec

298 sec

Figure 4-14: Simulation of collapse process
Based on these comparisons, it was found that the seismic structural response can be
followed reliably from initial cracking until total collapse using the AEM. One advantage of
the analysis is that it does not require any previous knowledge of the failure process. The
progression of failure cannot be predicted without a detailed analysis involving element
removal, redistribution of gravity and seismic loading and impact forces, as well as the rigid
body motion of the falling element. The AEM can reliably account for these important
aspects of the collapse phenomenon. It is interesting to mention that the failure mechanism
obtained is consistent, to some extent, with the experimentally observed damage.
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Figure 4-15:: Damage in the column
column-beam joint at the first storey, scaled by 5

Figure 4-16:: Displacement histories and the fundamental period of vibration
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4.2.5 Failure criteria
As previously described, adjacent elements in AEM can be connected by sets of three
springs distributed on the element faces. There are two groups of springs, matrix springs,
representing concrete and reinforcement springs representing steel bars. Separation between
two connected elements is assumed to occur when all the springs connecting the
neighbouring faces of both elements are removed. If elements are in contact following
separation, they behave as rigid bodies and a different type of springs, collision springs are
generated between them. Collision springs, comprised of one normal and two shear springs,
can also be removed leading to element separation.
Matrix and reinforcement bar springs connecting two adjacent faces can be totally
ruptured causing element separation when the value of the average strain of all the matrix
springs connected to these two faces reaches a predefined value, known as the separation
strain of concrete. The average strain between connected faces is determined as the mean of
the absolute strain values of all normal springs. Reinforcement bar springs in compression or
tension are cut when the matrix springs rupture. However, only reinforcement bar springs in
tension are cut if their normal stress reaches the ultimate specified stress (Applied Science
International (LLC), 2010). It has been recommended, in the theory manual for ELS (Applied
Science International (LLC), 2010), to use a value between 0.1 and 0.2 for separation strain
of the concrete. The value adopted should be higher than the ultimate tensile strain of the
steel, in order to avoid unreasonable failure, because this value is used as the failure criterion
for simultaneously removing springs representing both materials.
The sensitivity of the seismic collapse process to the failure criterion, the separation
strain of concrete, is investigated with a full correlation assumption, which means that the
same failure criteria are used for all elements in the structure. The same value for the
separation strain is adopted for all concrete elements. The aim of this parametric study is to
explore the extent to which the collapse process will be affected by the chosen value of the
concrete separation strain, rather than studying the effect of uncertainty in an element’s
removal criteria on the collapse progression, which is highlighted by a study conducted by
Talaat and Mosalam. Changing the failure criteria of structural components within a
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structural system according to different ratios has a considerable effect on failure modes
(Talaat and Mosalam, 2008).
Three different values for the concrete separation strain, 0.1, 0.15 and 0.2, are adopted.
The collapse mechanism and time at incipient collapse for the aforementioned frame structure
using these three different separation strain values were investigated. The amplitude of the
seismic shaking at the time of separation onset was found to significantly affect the
progression of collapse. The effect of the separation strain on the collapse process was thus
investigated employing four different PGA levels. By selecting four PGA levels and three
values for separation strain, twelve cases were put forward for examination.
The aforementioned analytical model is adopted with some modifications, related to the
loading scenario and the damping ratio. Two loading stages are considered here, namely the
gravity loading, the self-weight stage, and earthquake loading. The shape of the seismic loads
considered is similar to those used in the test but with a different amplitude. The GPA levels
for the four considered seismic inputs are 0.65 g, 0.7 g, 0.75 g and 0.8 g. An external
damping value of zero is utilised. This is because the dynamic response of the structure under
high seismic excitation is highly nonlinear, resulting in sufficient damping forces due to
internal damping.

4.2.5.1 Results and discussion
Structure collapse occurs at all PGA levels except for 0.65 g. Figure 4-17 shows the time
history of the mean horizontal displacements of the first storey in non-collapse cases. Figure
4-18 illustrates the time history of the mean vertical and mean horizontal displacements of the
first and second storeys in the collapse cases. The time history of mean displacement of all
elements at the top of each column is almost the same; this means that all the first-storey
columns collapse simultaneously in a side-sway collapse mode.
In all cases, the structure behaviour is the same prior to reaching the collapse criteria
for the first element. Following the onset of element separation, the redistribution of vertical
and seismic loads and changes in the structure dynamic properties contributes to some
differences in the seismic response of the frame in selected cases. For a PGA level of 0.65 g,
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using a threshold value of 0.2 results in a higher storey displacement than in cases where
threshold values of 0.1 and 0.15 are utilised.
In all the collapse cases, a similar collapse mode is obtained, but the time at the onset of
collapse differs. The effect of strain separation on the collapse process is not significant in
some cases for the following reasons. Firstly, the sequences of failure for structural members
are almost the same in all collapse cases, in which a first story collapse mode is developed.
The damage spread and propagation throughout the frame is almost always the same in all
cases. If the structure can collapse in more than one collapse mode, the effect of strain
separation is expected to be more significant, as it strongly depends on the damage spread.
Secondly, the same threshold value for element separation is used for all members in the
structure, so the progression of damage during the collapse process is not considerably
altered. The time at the onset of collapse is based on potential failure mode, the amplitude of
the seismic excitation and the threshold values for the element separation criteria. The times
at the beginning of the unrestrained free-fall of the structure and the times corresponding to
collision with the ground can be seen in Figure 4-18.

Figure 4-17: Time history of vertical displacements for the non-collapse cases
It should be noted that for the case of a PGA level of 0.8, the effect of separation strain
on the time at incipient collapse was small. This could be attributed to the high shaking
amplitude, which causes the values of the spring strains to exceed the value of 0.2 in all
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cases. Hence, the failure criteria for all these cases was exceeded. The effect of the failure
threshold value is more pronounced at a lower PGA level. Increasing the failure threshold
value does not always delay the occurrence of collapse. For a PGA level of 0.75, the times at
the onset of collapse for the separation strain values of 0.1, 0.15 and 0.2 were 15.5, 14 and
18.5 sec, respectively. This could be because collapse time is governed by more than one
factor; such as both load direction and intensity.

Figure 4-18: Vertical and horizontal displacement time history for the collapse cases
In all collapse cases, the structural system experienced global collapse, as a result of a
soft-storey mechanism formed at the first storey. It is clear that several elements separate
simultaneously at the top of all first storey columns leading to a side-sway collapse. Collision
of the rest of the structure, which is slightly damaged, with the ground leads to complete
failure of the structural system. Minor damage is observed in the beams prior to the
occurrence of a collision between the first storey slab and the ground. Most of the debris is
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spread outside the structure parallel to the seismic shaking direction. It has been noted that
the top slab folds, and the resulting debris falls on the damaged slab of the first storey, which
is located outside the footprint of the frame. Predicting the spread of debris is important
because it can affect surrounding structures and lead to failure arising from impact forces.
Although the effect of strain separation on the collapse process is not considerable in
this case study, which is governed by a single collapse mode, probabilistic assessment of
seismic collapse considering uncertainly in failure criteria is required.

4.3 Description of shaking table tests 2 and 3
A number of tests on reduced-scale models of six-storey, three-bay reinforced concrete plane
frames with different structural systems were performed at the National Technical University
of Athens. The aim of these tests was to validate the EC8 seismic provisions with regard to
multi-storey structures with different irregularities, and to understand the seismic behaviour
of different structural configurations based on experimental comparisons. Only two
seismically designed frames, namely a regular frame with a tall first storey, BF1, and an
irregular frame with a discontinuous column at the first storey, DCF, were selected from
these studies.
These two frames were designed according to EC8 seismic provisions for medium
ductility class, PGA of 0.3 g and soil category A (Lu, 1996, Lu, 2002, Lu et al., 1999). The
experimental results for the 1:5.5 scaled models were reported in (Lu, 1996, Lu, 2002, Lu et
al., 1999). The details of the frames, as well as the shaking table models are described below.

4.3.1 Details of the designed frames, BF1 and DCF
4.3.1.1 Geometry and reinforcement details
The geometry and elevation of the selected frames was shown in Figure 4-19. The total
height of the prototype frames is 20 m. The height of all storeys except the first storey is 3 m
while the first storey height is 5 m. The cross-section dimensions and the corresponding
reinforcement details for the BF1 and DCF frames are given in Table 4-5 and 4-6,

respectively. The slab thickness is 140 mm with two layers of Ø15/250 mm. The slab
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contribution is taken into account by considering the effective slab width as well as the slab
reinforcements within this width.
Capacity design provisions were considered in designing the frame. Consequently, EC8
seismic requirements for medium ductility class were satisfied. Also, the transverse
reinforcement satisfied the code requirement, so shear failure could be avoided, particularly
in the joints where transverse reinforcement is applied in two directions (Zhang, 1995). The
adopted behaviour factor values were 3.5 and 2.7 for BF1 and DCF, respectively. For more
details about the design of the frames, reference is made to (Zhang, 1995).
Concrete class C20/25 was adopted in the design of the frames, while the steel grades
used were S400 and S220 for flexural and transverse reinforcement, respectively. The vertical
loads considered in addition to the structure self weight were 6 and 8 kN/m for dead and live
loads, calculated from the three dimensional model of the structure, assuming a span length
of 4 m in a perpendicular direction. The vertical loads consisted of the dead plus 30% of the
live loads and were combined with seismic loads. The mass for each storey was calculated
based on the aforementioned loads is listed in Table 4-7.

Figure 4-19: Geometry and dimensions of both selected frames (Lu et al., 1999)
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Table 4-5: Reinforcement details for the BF1 frame (Zhang, 1995)

Model

BF1

Column

Beam

Cross-

Cross-

Storey

section

Longitudinal Lateral

section

Longitudinal Lateral

level

dimensions

steel

steel

dimensions

steel

steel

6

350X350

4Ø32

2Ø15/110 350X400

2Ø32

2Ø15/100

5

350X350

4Ø32

2Ø15/110 350X400

2Ø32

2Ø15/100

4

450X450

4Ø32

2Ø15/110 400X450

2Ø32

2Ø15/110

3

450X450

4Ø32

2Ø15/120 400X450

2Ø32

2Ø15/110

2

500X500

4Ø32

2Ø15/100 400X500

2Ø32

2Ø15/125

1 (top)

600X600

4Ø32

2Ø15/100

1 (bottom)

600X600

8Ø32

3Ø15/125 400X500

2Ø32

2Ø15/125

Table 4-6: Reinforcement details for the DCF frame (Zhang, 1995)
Column
Model

Storey

Cross-

level

section
dimensions

Beam
Longitudinal Lateral
steel

steel

Crosssection
dimensions

Longitudinal Lateral
steel

steel

6

350X350

4Ø32

2Ø15/110

350X400

2Ø32

2Ø15/100

5

350X350

4Ø32

2Ø15/110

350X400

2Ø32

2Ø15/100

4

450X450

4Ø32

2Ø15/110

400X450

2Ø32

2Ø15/110

3

450X450

4Ø32

2Ø15/120

400X450

2Ø32

2Ø15/110

2 (top)

500X500

4Ø32

2Ø15/100

400X500

2Ø32-3Ø32

2Ø15/125

400X500

2Ø32-3Ø32

2Ø15/125

4Ø32
DCF

(c1,3,4)

2Ø15/100

2 (bottom)

500X500

12Ø32 (c2)

3Ø15/100

1 (top)

600X600

4Ø32

2Ø15/100

8Ø32 (c1,3)

3Ø15/125

12Ø32 (c4)

4Ø15/125

1 (bottom)

600X600
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Table 4-7: Mass of each storey of the designed frames (Lu, 1996)
Model

BF1

Storey level

Total masses, Kg

6

Model

Storey level

Total masses, Kg

35120

6

35120

5

36920

5

36920

4

39220

4

39220

3

40420

3

40420

2

42520

2

42520

1

47820

1

45520

DCF

4.3.2 Details of test 2 and 3
The seismic tests were constructed as 1/5.5th- scale replicas of the aforementioned designed
frames using materials with similar properties to those expected in the prototype frames;
however the gravity loads were augmented with additional masses in order to have similar
gravity stresses as in the prototype frames (Lu et al., 1999). The additional masses, calculated
based on the similitude laws were 6913 and 6854 Kg for the BF1 and DCF frames,
respectively. The mass of each storey of the model is listed in Table 4-8. More details about
reactive mass similitude can be found in (Lu, 1996). Figure 4-20 shows the geometry and
dimensions of the models. The slab contribution was accounted for by providing a 300-mm
wide flange of 30 mm thickness on both sides of the beams. The slab reinforcement was a
single mesh of 3 mm-bar at 50 mm spacing in two orthogonal directions (Lu, 2002). The
reinforcement of the models was deduced from the prototype frames on a one-to-one basis.
Consequently, the reinforcing bars used in the scale models were deformed 6-mm and smooth
3-mm bars for flexural and transverse reinforcement, with mean yield strength of 448 and
195 MPa, respectively. The approximation of the reinforcing bar diameter resulted in an
increase in the reinforcement amounts utilised. The mean compressive and tensile concrete
strengths were equal to 30 and 3 MPa, respectively. The strengths of the scale models were
expected to be more than those of the prototype frames due to the increase in the
reinforcement amounts and the strength of the materials used.
Regarding the seismic loads, the N-S component of El Centro 1940 was used as a base
acceleration, with gradually increasing intensity from 0.1 g to 0.9 g for the BF1 frame and
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from 0.1 g to 1.2 g for the DCF frame. A time scale factor equal to the square root of the test
scale factor, 5.5, was adopted to adjust the time of the input ground motion (Lu, 2002).
Table 4-8: Mass of each storey of the models (Lu, 1996)
Model Storey level

BF1

Total masses, Kg

Model

Storey level

Total masses, Kg

6

1156

6

1161

5

1216

5

1221

4

1298

4

1296

3

1331

3

1335

2

1394

2

1404

1

1580

1

1519

DCF

Figure 4-20: Geometry and dimensions of the BF1and DCF frames

98

Chapter 4

Validation of Applied Element Method

A side support system was connected to the test model on the first and third floors. In
the BF1 frame test, no firm support was available for the upper two levels, because of the
short height of the steel reaction frame. The side-support system was improved for the DCF
frame test and resulted in a decrease in the out-of-plane motion. More details about the
support system can be found in (Lu, 1996). The BF1 frame could not be tested for 1.2 g, due
to the out of plane instability observed in the 0.9 g test. The 1.2 g test was performed for the
DCF frame.

4.3.3 AEM models of test 2 and 3
Nonlinear analyses for the scaled models were carried out using Extreme Loading for
Structure software. Scaled models were used instead of prototype frames, in order to directly
compare the analytical and measured results and to avoid any differences, which may result
from the similitude design. Material nonlinearity, large deformations, element separation and
contact were all considered in the analyses.
The same material models were used for concrete and steel material, as in test 1,
Section 4.2.2. The BF1 frame was modelled by utilising 1716 elements and 126602 springs.
The total number of elements was 2258 in the DCF frame model. The material properties for
both models are listed in Table 4-9.
Table 4-9: Material parameters used in the AEM models
Material properties

Concrete

Steel (longitudinal-transverse)

Shear modulus MPa

29700

200000

12375

76923.10

3

448-195

Young’s modulus MPa
Tensile strength MPa

Compressive strength MPa

30

Ultimate strain

0.08

Ultimate strength /Tensile yield stress

1.15

Post yield stiffness ratio

0.01

All the reinforcement details for the structures have been explicitly modelled. Splicing
of beam reinforcement was avoided using continuous bars along each beam and increasing
the length of the bars at both beam edges to provide sufficient straight anchorage for the
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reinforcement, similar to the test. Stirrups were applied in two directions in the joints. Springs
representing the reinforcement bars were automatically assigned to the element faces at the
exact location of the steel bars. Figure 4-21 shows the AEM models and the mesh
discretisation.

(A) Frame BF1

(b) Frame DCF

Figure 4-21: AEM models for both frames
To prevent the out-of-plane response in a similar way to the test, where a side-support
system was provided, the frame displacement restraints in the y direction were fixed at all
storeys. A fixed support was applied at the base of the first-storey columns. Hence, the model
boundary conditions were consistent with those on the shaking table test.
In order to compare the analytical results with the experimental results, the distribution
of gravity stress should be similar in the analytical models and the test models. A uniform
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mass distribution was adopted in the modelling. Masses were uniformly distributed on the
slabs and beams by increasing the weight of the slabs and beams to account for the loads.
Due to the limited amount of data available, the input ground motion used in the
analyses was based on scaling the shaking table acceleration of 0.3 g to obtain the remaining
required levels of intensity. Therefore, the response of the analytical models was expected to
be less than those obtained from the experiment, as the peak acceleration of the adopted input
motion was often smaller than the shaking table acceleration. The out-of-plane motion in the
test causes some differences between the shaking table accelerations and the input
accelerations (Zhang, 1995). Moreover, some of the details and the accuracy of the
experimental displacement records were lost in the digitising process, which aimed to convert
the displacement diagrams into numbers, and was carried out using Engauge software
(Mitchell, 1991). This is because the results, the displacements measures in the experiments,
were available only in paper format.
The loading stages involve both static and dynamic loading. Firstly, the gravity loads
were applied to allow the structure to deform under static loads and then the scaled ground
motion records are applied in sequence. The seismic loading scenarios for both frames are
shown in Figure 4-22. Because of this loading scenario, the damage sustained by the elements
during the previous loading stage could be used as the initial condition following the loading
stage. The elastic damping ratio was taken as 0.05. Approximately 5 sec of zero acceleration
was added between each adjacent dynamic loading stage to allow the structural response to
dampen at the end of each stage. The time step utilised for the analyses was 0.008528 sec.
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Ground Acceleration (g)

Ground Acceleration (g)

Chapter 4

BF1

DCF

Figure 4-22: Seismic loading scenario for the BF1 and DCF frames

4.3.4 Comparison of AEM and experimental results
4.3.4.1 Displacement time history validation
The validation of the AEM models is performed in terms of global response, and the
displacement time histories, due to the limited data available. Comparisons between the
storey displacements of the AEM and the test models for different peak acceleration levels
are shown in Figures 4-23, 4-24 and 4-25.
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Figure 4-23: Comparison between analytical and experimental storey-displacement histories
for the BF1 frame for PGA of 0.3 and 0.6 g
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Figure 4-24:: Comparison between analytical and experimental storey
storey-displacement
displacement histories
for the BF1 and DCF frames
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Figure 4-25:: Comparison between analytical and experimental storey-displacement
acement histories
for the DCF frame for PGA of 0.9 and 1.2 g
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In the majority of cases, the AEM models slightly underestimated the storey
displacements measured, particularly at high PGA levels. This could be due to two reasons.
Firstly, the ground excitations used in the analyses were slightly less than the shaking table
accelerations, especially for low ground excitations. Secondly, using a constant value for the
elastic damping ratio in all of the analyses led to a reduction in the structure response in the
case of high PGA levels. During the small amplitude ground excitation, this damping ratio
was appropriate, while for moderate and severe ground motions, the damping forces were
increased due to concrete cracking and other nonlinear phenomena, which

were

automatically included in the analyses. It should be pointed out that using a smaller value for
the elastic damping ratio will result in error accumulation. Also, initial cracks in the scale
specimen due to curing may decrease the specimen’s stiffness, resulting in higher storey
displacement in the experiment.
Contrary to the experimental results, no significant amplification of the storey
displacements of the fifth and sixth storeys was observed. This could be because of the
prevention of the out-of-plane motion in the AEM. The abrupt decrease in the dimensions of
the columns at the third and fifth storeys could have contributed to the severe damage at these
storeys. However, the out of plane acceleration of the top floor beam is around 0.1 g during
the test at 0.9 g for BF1 frame and 0.025 g for the DCF frame (Lu, 1996). The damage to the
upper storeys may be intensified, because of a combination of the out-of-plane motion and
the P-Delta effects, leading to the acceleration of damage to these storeys. In addition, the
out-of-plane motion could be attributed to a discrepancy between the scaled input and the
signals of the excitation measured. The peak acceleration of the measured signals is often
larger than those of the target input, especially for the BF1 frame (Lu, 1996).
Despite these small differences, good agreement between the analytical and
experimental results was obtained, especially for the lower storeys. It is worth noting, based
on the comparisons above, that the AEM is a reliable tool for predicting the highly nonlinear
response of RC structures.
In both frames, seismic response was predicted using the mean values of all random
variables, the structure’s dimensions, reinforcement detailing and amounts, and material
properties. Thus, treating all random variables as deterministic in the analytical models and
using their mean values may explain the differences between the experimental and analytical
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results, since there was scatter in some of these values observed during the seismic tests. The
results of the sensitivity study of these frames, as carried out in Chapter 5, show that a fifth
storey mechanism is one of the most common collapse modes. For more information about
the effects of uncertainties in the material properties on the seismic response of these frames,
see Chapter 5.

4.4 Summary
This chapter has presented a detailed description of applied element modelling for three
different reinforced concrete structures that were previously shaking-table tested. The
experimental tests were also summarised. The analytical results were compared with those
obtained from the tests in terms of the first two fundamental periods and the inter-storey
displacement histories. Good agreement between the AEM results and the experimental
results indicated reliability of using the AEM to simulate the seismic structure response from
initial damage until total collapse. The effect of using the recommended value of failure
criteria, separation strain, on the collapse process has been discussed. The time at incipient
collapse can be strongly affected by the failure criteria.
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uncertainties on the collapse
process
5.1 Introduction
In general, the assessment of structural collapse using nonlinear time history analyses is
highly uncertain due to a number of sources. These can be categorised as either aleatoric or
epistemic uncertainties. The former is inherently random and irreducible, while the latter
results from limited databases and lack of knowledge. Thus, epistemic uncertainty can be
decreased throughout by additional information and knowledge obtained from more
comprehensive analyses and tests.
There are many random variables affecting collapse, such as the uncertainty in material
properties, design variables, structural modelling, simulation and analysis methods and the
defined limit states. Human errors and uncertainty in the construction phase are also
important sources of uncertainty (Haselton et al., 2008b). In addition, the ground motion
input in terms of frequency content, characteristics (known as a record to record variability)
and intensity, given by the hazard curve for a specific site, can cause a significant variability
in the structure response. Record to record variability can be directly investigated by applying
an incremental dynamic analysis using a representative set of ground motions with a
sufficiently large number of records. All the aforementioned sources of uncertainty are
categorised as epistemic uncertainty with the exception of record-to-record variability, which
is treated as an aleatoric uncertainty.
Deterministic methods for collapse assessment are not sufficient for evaluating
structural safety under seismic loading, due to these uncertainties. Using a complete
probabilistic approach to account for all random variables is computationally very expensive
and time consuming. Thus, sources of uncertainty that are most influential on the structure
response should be determined, and their effects subsequently quantified.
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This study cannot address all the random variables. Record to record variability and
modelling uncertainty, which have been the focus of many previous research studies
(Haselton and Deierlein, 2008), are beyond the scope of this study. The emphasis here is
regards the effects of uncertainties in material properties on the collapse process. Collapse is
the only limit state of concern here. The reason for this is related to the capacity of the
analytical tool utilised, Extreme Loading for Structures, which is based on the AEM. AEM
modelling does not require a definition of element stiffness, strength or deformation capacity
in contrast with the analytical tools generally used, Drain-2DX software and OpenSees
platform (OpenSees, 2005), in which lumped plasticity models are often adopted. The focus
of the majority of sensitivity studies have been on the parameters utilised for defining lumped
plasticity models. AEM modelling depends on the constitutive relationship used for
representing concrete and steel. Thus, the aforementioned effects of element stiffness,
strength and deformation capacity are inherent to the model due to the corresponding material
properties. In addition, AEM analysis is relatively time consuming and several days normally
are required to complete a simple sensitivity analysis using a single record. Therefore, recordto-record variability will not be considered here.
Furthermore, the focus of attention of this sensitivity study is on the time at the onset of
collapse, rather than on the capacity of the collapse, which requires around a hundred
analyses using the AEM, with a set of 14 records and only one set of material properties. In
order to identify the most influential random parameters and to rank these according to their
relative importance to global structural response, a deterministic sensitivity analysis,
generally utilised for decision analysis (Porter et al., 2002), was conducted for its simplicity
and efficiency. A number of uncertain parameters was investigated. Then the most important
parameters, obtained from a tornado diagram, will be selected to investigate the effect of the
correlation between variables at different storey levels, while the remainder will be excluded.
The reason for this is that understanding the effect of correlation between random variables is
limited and more investigations are required.

5.2 Previous studies
The methods commonly used to investigate the effect of uncertainty on the dynamic response
of structural systems are a deterministic sensitivity analysis called a tornado diagram (Porter
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et al., 2002), the first-order second-moment, FOSM, method (Lee and Mosalam, 2005) and
Monte Carlo simulation (Esteva and Ruiz, 1989). Although the Monte Carlo method is the
most comprehensive method for propagating uncertainty, it is computationally demanding.
This is because an excessively large number of simulations are required to reliably estimate
the full distribution of the structural performance. Thus, this method is not used in this
research as AEM models consist of a large number of elements and springs resulting in a
time-consuming simulation, as each AEM analysis requires around three hours to run short
ground motion records.
Previous studies have indicated that the impact of uncertainties on the structural
modelling and on the material properties affecting the seismic performance of structures is
limited (Esteva and Ruiz, 1989, Lee and Mosalam, 2005, Lee and Mosalam, 2006,
Ellingwood and Kinali, 2009, Celik and Ellingwood, 2009). This is due to the fact that the
focus of these studies has been on the pre-collapse response of structures. Esteva and Ruiz
mentioned that further investigations are required in order to determine the importance of the
randomness in structural properties on the collapse response (Esteva and Ruiz, 1989). Recent
studies have concluded that structural modelling uncertainties related to component models
are critical and have a significant impact on collapse performance assessment, which is no
less important than the impact of record to record variability (Haselton et al., 2008b). The
differences between the results of these various investigations are due to the fact that the
effects of modelling uncertainty on seismic structural performance depend strongly on the
limit states considered and on the structure selected. If the study focuses on pre-collapse limit
states, modelling uncertainty will have a limited influence on seismic performance compared
to the effects of uncertainty in ground motions, which, in this case, will be a dominant
contributor to structural response.
Regarding the collapse response, a large number of studies have considered the effects
of several sources of uncertainties on collapse capacity and quantifying these uncertainties by
applying FOSM approximation based on Taylor series expansion. The FOSM method is
proposed by (Baker and Cornell, 2003, Baker and Cornell, 2008) for use in seismic
performance-based engineering, in order to calculate loss estimation. The FOSM approach
was also used by (Ibarra and Krawinkler, 2005) for estimating the total uncertainty in the
collapse capacity, due to uncertainty in system parameters. The mean and standard deviation
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of the structural response, which represents a sensitivity measure, can be computed by the
FOSM method without knowing the probability distribution of the performance function (Lee
and Mosalam, 2006). However, the FOSM method may be problematic and so can cause
inaccurate results if the performance function relating the uncertain parameters to the
response of interest is highly nonlinear as in the case of the collapse response (Liel et al.,
2009). It is preferable to perform the calculation of the FOSM in the log-domain of the data
instead of the linear domain. This is because the linear assumption of the FOSM is more
accurate in the log-domain (Ibarra and Krawinkler, 2005). The FOSM method cannot capture
the change in the median collapse capacity that may result when modelling uncertainties have
a nonlinear effect on collapse capacity (Liel et al., 2009).
Haselton et al. conducted a probabilistic study to assess the seismic performance of a
modern designed structure. They employed the Ibarra-Krawinkler lumped-plasticity model
for a collapse simulation, whilst considering global side-sway only. The FOSM approach was
utilised for integrating modelling uncertainties with record-to-record uncertainty. The results
showed that ignoring modelling uncertainties, especially those associated with element
deformation-capacity and post-peak negative stiffness, in a collapse assessment can lead to a
significant underestimation of the collapse risk. In addition, the degree of correlation between
random variables has a considerable impact on the estimation of collapse capacity (Haselton
et al., 2008b). Also, the logarithmic standard deviation due to record-to-record variability is

in the range 0.3 y 0.4, while that due to modelling uncertainty is 0.35 y 0.4. The

correlation between random variables for a single and for multiple members has a significant
effect on dispersion. The dispersion due to modelling and design uncertainties can vary from
0.21 when using uncorrelated variables to 0.54 where there is full correlation. The effects of
structural modelling uncertainties are more significant than those of uncertainties in the
structural design, such as the height and framing layout (Haselton and Deierlein, 2008).
Ibarra and Krawinkler investigated the importance of the effects of modelling
parameters on the side-sway collapse capacity of deteriorating single and multi-degree-offreedom systems, SDOF and MDOF. The parameters considered in their study were those
associated with defining concentrated plasticity models, the modified Ibarra-Krawinkler
model, which incorporates stiffness and strength deteriorations, and based on calibration with
experimental data. Three different values were used for each selected parameter and all
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possible combinations of these parameters are considered in the analyses. It was concluded
from the parametric studies that the two most critical parameters for estimating the collapse
capacity of ductile systems are post-capping stiffness in the backbone curve and ductility
capacity (Ibarra and Krawinkler, 2005, Ibarra and Krawinkler, 2004, Ibarra et al., 2005). It
was also found that strength deterioration is an extremely important parameter when
astructure is on the verge of collapse, as in the case when a structure is represented by a
single-degree-of-freedom system with a period of 0.9 sec, and a damping ratio of 5% (Ibarra
et al., 2005). Cyclic deterioration, λ, is not a governing parameter but it is still important in
the collapse limit state (Ibarra and Krawinkler, 2005).
The dispersion of collapse capacity due to uncertainties that affect the three parameters
of the hysteretic model, namely post-capping stiffness, ductility capacity and cyclic
deterioration for SDOF and MDOF systems, was quantified by employing the FOSM
method. For SDOF systems, with only one uncertain parameter, namely the post-capping
stiffness, the results of the simplified FOSM method were verified using the Monte Carlo
method, and a combination of response surface and the Monte Carlo method (Ibarra and
Krawinkler, 2005). It was concluded that the dispersion due to uncertainties in the modelling
parameters is not less than that due to record-to-record variability and its value depends on
the variance of the post capping stiffness and that of ductility capacity, as well as the
correlation among parameters (Ibarra and Krawinkler, 2005). The SDOF system is more
sensitive to uncertainties in these parameters than the MDOF system.
(Lignos and Krawinkler, 2009, Zareian and Krawinkler, 2009) found that the most
important component parameters on the collapse capacity are the post-capping rotation
capacity and plastic-rotation capacity.
A study by Liel et al. emphasised quantifying the effect of uncertainties in modelling
parameters for a lumped plasticity model when assessing the collapse capacity of a number
of ductile and non-ductile frame structures (Liel et al., 2009). The quadratic response surface
for each structure represents the relationship between median collapse capacity and random
parameters; and accounts for the nonlinearities and asymmetric effects of the random
variables. The structure response surface is obtained based on a regression analysis of the
data obtained from sensitivity analyses, corresponding to each structure. In order to
incorporate the effects of different uncertainty sources, the response surface was combined
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with the Monte Carlo method for sampling. Thus, the median collapse capacity was
computed for each realisation set, utilising the response surface instead of performing an
incremental dynamic analysis. The effects of correlation between random variables were
investigated using a response surface method, where by three correlation assumptions were
made. In the first case, each of the strength and ductility variables was assumed to be
correlated for the beams and columns. Secondly, the beam or column strength variables were
assumed to be correlated with the corresponding ductility variables. In the third case, the
beam strength for each of the second and third storeys was assumed to be uncorrelated with
the beam strengths of the other storeys. It was shown in this study that ignoring the effects of
uncertainties in these parameters can lead to un-conservative predictions, especially if the
random parameters of concern are highly uncertain and have a highly nonlinear relationship
with the response of interest. Modelling uncertainties can lead to a reduction in the median
collapse capacity by up to 20% and to an increase in the dispersion. However, these effects
depend on the structural system, the random variable selected, the correlation between them,
the asymmetric effects of the random variables and the number of possible failure modes in
the studied structure. In addition, it was found that the effects of random variables in
increasing median collapse capacity is small when a structure has different collapse
mechanisms, since changing a given variable may shift the collapse mode from a storey to
another. Moreover, in the first case of correlation, the median collapse capacity was higher by
6.4% compared to the case of zero correlation, while it was 10%less in the third type of
correlation. This means that the relative differences in strength, as well as the ductility of the
beams and columns are more important than the absolute values.
Liel et al. indicated that the FOSM method cannot capture the shift in the median
collapse capacity. To solve this problem, they proposed a novel simplified approach called
the approximate second order second moment method, ASOSM. Not only does this new
method, which is based on the FOSM method, not require large numbers of sensitivity
analyses as in the response surface method, but it can also predict the shift in the median
collapse capacity (Liel et al., 2009). Its drawback, however, is that it ignores the effect of
interactions between random variables; which was proven to have a significant impact.
Several researchers studied the effects of modelling uncertainties on the seismic
structural performance using a tornado diagram analysis to identify and rank the parameters
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according to their significant effects on the structural response under seismic loading. For
example: (Porter et al., 2002, Esteva and Ruiz, 1989, Yin and Li, 2010, Haselton et al.,
2008b, Binici and Mosalam, 2007, Lee and Mosalam, 2005).
The results of the tornado diagram analysis using Î 2 √3 Î  instead of Î 2

Î , as recommended by (Ibarra and Krawinkler, 2005), showed that a component plastic-

rotation capacity is the most critical variable affecting mean collapse capacity followed by
cyclic deterioration capacity, , and then the strong-column weak-beam ratio (Haselton et al.,
2008b). The difference between the Haselton results and those obtained by Ibarra regarding
the importance of cyclic deterioration capacity results from the use of different lower and
upper bounds. However, λ is not as important, as predicted by Haselton.
Sensitivity analyses were carried out by (Liel et al., 2009, Liel and Deierlein, 2008) to
quantify the effect of modelling uncertainties on the collapse limit state of ductile and nonductile frame structures by means of the response surface method as mentioned above. Four
random variables were considered in both structures, namely column strength, column
ductility, beam strength and ductility. Two additional parameters related to the joints, joint
strength and ductility, were also considered in the non-ductile frames. All random parameters
were assumed to have log-normal distributions. For each random variable, Î 2 1.7Î 

was employed if the individual parameter changes and Î 2 Î  was used in the case of

combination with other parameters. Thus, 33 and 93 sensitivity analyses were performed for
each ductile and non-ductile structure, respectively. For each realisation of uncertain
variables, an incremental dynamic analysis of the corresponding modified model was carried
using a set of 20 ground motion records. It was concluded that the random variables with the

most significant impact on collapse capacity are column strength, represented by M= , K v ,

and column ductility, represented by θ| , θ| , λ, respectively. The beam strength and

ductility are the least important random parameters. The beam strength adversely affects
collapse capacity. This means that an increase in the beam strength can cause a reduction in
the median collapse capacity, due to the formation of plastic hinges in the columns rather
than in the beams. The asymmetric effects of random variables on seismic response of
structures were noted in this study. Decreasing member ductility has a larger effect on the
collapse capacity than increasing it.
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Talaat and Mosalam investigated the effect of different random variables on the time at
incipient collapse of a reinforced concrete frame structure, with infill walls using the tornado
diagram analysis, in which the upper and lower bounds were estimated for a confidence
interval of 0.997. The collapse simulation was performed using a novel element removal
algorithm they developed. They identified an earthquake intensity as the most important
parameter was the, followed by infill wall stiffness and live load factor, while the ratio of the
viscous damping was the least important factor (Talaat and Mosalam, 2008, Talaat and
Mosalam, 2009).

5.2.1 The First-Order Second-Moment Method, FOSM
The FOSM procedures in the non-ln-domain for estimating the uncertainty in collapse
capacity can be summarised as follows (Haselton et al., 2008b):
The mean collapse capacity, µH¢

¨

, and the variance due to record-to-record

variability, σo MX 0´0 N, can be determined from an incremental dynamic analysis using the
mean values of all random variables, RV.
µH¢

¨

gµ 

Equation 5-1

The total variance in collapse capacity can be calculated using the standard deviations and
correlation coefficients of each random variable as in Equation 5-2.
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Equation 5-2

Equation 5-3

is the gradient of Sa|Hv related to RV , and can be determined from a series of

sensitivity studies using the finite differences method. See Equation 5-3, where ρ; is the
correlation coefficient between RV and RV; , σ is the standard deviation of RV , µ is the

vector of mean values of RVs, and g is a function that relates the RVs to the collapse capacity.
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5.2.2 The Approximate Second Order Second Moment method, ASOSM
In this method, the dispersion due to modelling uncertainties is predicted in a similar way to
the FOSM method. The shift in the median collapse capacity of reinforced concrete structures
can be determined by multiplying the median collapse capacity, as obtained from an
incremental dynamic analysis by the factor

 ±¬




(Liel et al., 2009, Liel and Deierlein, 2008).

This factor is determined from Equations 5-4 and 5-5.
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Equation 5-5

∆ /∆^ is a parameter related to the response asymmetry, m
 is the median collapse capacity
calculated using the mean values of random variables, m/ /ô is the median collapse

capacity when the i random variable scaled by 1.7σ , m/ ^/ô is the median collapse

capacity when the i random variable scaled by y1.7σ , and n is the number of considered

random variables.

5.2.3 Tornado diagram analysis
Tornado diagram analysis is a simplified method of sensitivity analysis and is used in this
study. Even though this method does not provide any statistical information on engineering
demand parameters, such as the mean and standard deviation, it can provide useful results
regarding the degree of importance of the random variables considered.
The tornado analysis provides considerable insight into the relative importance of the
random variables of interest. The probability distribution of each uncertain variable is
selected. Each input variable varies between two extreme values, defining the values of the
upper-bound and lower-bound of the input probability distribution; e.g. the 90th percentile
and the 10th percentile. Figure 5-1 shows the procedures for performing a tornado diagram
analysis (Binici and Mosalam, 2007).
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Figure 5-1: Procedures for developing the tornado diagram (Binici and Mosalam, 2007)
For developing the tornado diagram, firstly all random variables are set to their best estimated
values, such as their mean or median values. Then, a deterministic analysis is performed
using best estimated values, in order to establish a baseline output, e.g. the time at incipient
collapse. The measured output of interest is considered as a deterministic function based on
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the analytical model. The analysis is repeated for each random variable for both of the
extreme values retaining the remaining variables at their best estimate values. The output of
interest is measured and plotted as a horizontal bar, associated with each random variable,
which is called the swing. The length of the swing represents the sensitivity of the output to
the variation in the corresponding random variable. The random input variables are arranged
with regard to their swings.
As mentioned previously in Section 5.1, the tornado diagram will be used in this work.
This is because the aim of this study to identify and then to rank the most important
parameters on the collapse process, rather than quantify the effect of a limited number of
random parameters. More than 70 random variables will be studied. The FOSM and ASOSM
are generally utilised to calculate the variance in collapse capacity, due to modelling
uncertainty. The FOSM and ASOSM often involve conducting a series of sensitivity studies
using tornado diagrams, see Section 5.2.1. The time at collapse onset is of interest in this
work rather than collapse capacity, due to the computational expense of the analyses and the
large number of analyses required to determine collapse capacity.

5.3 Selected random modelling variables
As mentioned earlier in Section 5.1, the seismic collapse performance of structures is highly
uncertain, due to the numerous sources of uncertainties. Apart from the uncertainties in
characterising ground motions, there are uncertainties associated with analytical models
adopted, including input modelling parameters, masses, and geometrical data. Variability in
the depth of concrete cover and the location of reinforcement bars generally has little
influence on strength and ductility of the RC member, comparing to the effect of concrete and
steel strength (Grant et al., 1978). Consequently, its effect on the overall response of
structures is less significant when compared to the randomness in the material properties.
Therefore, the structure dimensions can be treated as deterministic values.
In this study, only the effect of uncertainties in the input modelling parameters, material
properties used in the AEM model, and the uncertainties in the structure mass and its
corresponding gravity loads will be investigated, while the remaining parameters will be
assumed to be deterministic.
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5.3.1 Uncertainty in the structure properties
In general, the stiffness and strength of structural members represent the most important
random variables; these have been investigated in many probabilistic studies, as mentioned
above.
In the AEM method, the stiffness, strength and deformation capacity depend on the
material parameters used in the adopted constitutive model of the ELS, member dimensions
and the amount as well as the detailing of reinforcements. The stress-strain relationship at the
element level in the AEM is deterministic. The member dimensions and the details and
amounts of both of the longitudinal and transverse reinforcements will be treated as
deterministic. Only the effect of uncertainties in the concrete, the longitudinal and transverse
reinforcing steel are of significant interest to this research, because they are the only input
parameters required to define the analytical model. The material parameters considered as
random variables are the concrete compressive and tensile strengths, the modulus of
elasticity, the steel yield and ultimate strengths and ultimate strain.

5.3.1.1 Properties of concrete
A normal distribution is assumed for each of the three aforementioned concrete properties.
The focus here is on the concrete grade C20/25, which is used in the aforementioned seismic
tests 2 and 3.
The code design strength for the (C20/25) class concrete fe,]% is 20 MPa, with a

standard deviation of 5 MPa. The mean value of the concrete compressive strength is
assumed to be larger than the design strength by 8 MPa and the coefficient of variation, COV,
representing the ratio between the standard deviation and the mean, is 18% (Kappos et al.,
1999).

The mean tensile strength of concrete, f: is 2.2 MPa obtained from the characteristic
¦

concrete compressive strength based on f: A 0.3fe  in MPa unit according to (CEB,
1993). The coefficient of variation of the tensile strength is assumed to be 1.2 times larger

than that of the concrete compressive strength. The parameters of the probability distribution
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of the concrete tensile strength are defined in similar way to the study detailed in
(Vasconcellos Real et al., 2003).
The mean initial tangent modulus of elasticity of concrete, E , can be calculated from

the following relationship E A 21500 ¡ ¢` in MPa unit  according to (CEB, 1993). The






coefficient of variation for this variable is assumed to be 8%, as suggested by (Mirza et al.,

1979, Lee and Mosalam, 2006). Mirza et al. noted, based on regression analyses, that there
was a strong correlation between the compressive strength and the initial modulus of
elasticity, and a coefficient of correlation in a range of 0.88 to 0.91 was recommended.
Poisson’s ratio is assumed to be deterministic with a mean value of 0.2 (Kartal et al., 2011).

5.3.1.2 Properties of the steel used in reinforcement
The reinforcing steel properties of major interest were the yield strength f= , the ultimate

strength f , the modulus of elasticity EH , and the ultimate strain ε . A normal distribution

assumption was adopted for these four variables. The steel grades of interest were S400 and
S220, as these were used for the flexural and transverse reinforcement in the structures
selected, respectively.
With regard to the variability in the flexural steel, the characteristic value of the yield

strength of S400 steel, f=e,]%, is 400MPa. The mean value is assumed to be 440 MPa with a

COV of 6%, accounting for both producer-to-producer and within-producer variations,
similar to the study by (Kappos et al., 1999). The mean value of the ultimate strength of
reinforcing steel is 502 MPa with a COV of 6%, based on the assumption that the ratio of f=

to f is fixed and consistent with requirement of the Eurocode 8 for the Medium Ductility
class. The mean value of 9% is considered for the ultimate strain (Dymiotis, 1999). A COV
of 9% is assumed for the ultimate strain, as suggested by (JCSS, 1995, Lee and Mosalam,
2006, Kappos et al., 1999, Dymiotis, 1999). The mean value of Poisson’s ratio for reinforcing
steel is assumed equal to 0.3, which is treated as deterministic.
In reference to the variability in the transverse steel, zero correlation between the

longitudinal and transverse steel properties was assumed, due to the fact usage of different
types of reinforcement. However, the aforementioned statistics for reinforcing steel properties
120

Chapter 5

Effects of modelling uncertainties on the collapse process

can be assumed valid for bars of different types. Hence, the same distributions can be used
for both longitudinal and transverse reinforcing steel. It was concluded by Dymiotis et al. that
the effect of variability of transverse reinforcement properties on structural member response
is small (Dymiotis, 1999, Kappos et al., 1999). In this study, a zero correlation is assumed
among all random variables. Two additional variables were also studied, in which full
correlation was assumed between the yield and ultimate strength of both the longitudinal and
transverse reinforcing steel. The statistical properties of the selected random variables are
listed in Table 5-1.

5.3.1.3 Mass
The mass of each storey and the corresponding gravity loads are treated as random variables
in similar way to the study conducted by Talaat and Mosalam (Talaat and Mosalam, 2008).
The storey-mass is calculated based on the 3 D structure gravity loads, and the dead and live
loads. The dead load is assumed constant, while three cases of the live load are considered.
These cases are as the following:
1. Full live load (full occupancy with a live load factor of one, LL=1).
2. No live load (no occupancy with a live load factor of zero, LL=0).
3. The live load corresponding to the expected occupancy adopted in the EC 8 design
code, LL=30%.
The reference mass is calculated using the full dead load plus 30% of the live load.
Perfect correlation is assumed between the masses and loads of all storeys. It should be
mentioned that the same live load factor is used when calculating the vertical and
corresponding seismic loads. In addition to the structure self weight, the vertical loads
considered were 6 and 8 kN/m for the dead and live load, respectively.
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Table 5-1: Statistical properties of the basic random variables

Random Variable

Mean , 

COV %,  A  Ï 

28

18

2.2

21.6

30305

8

440

6

506

6

9%

9

195

6

225

6

9%

9

Concrete
Compressive strength, f MPa
Tensile strength, f: MPa

Initial modulus of elasticity, E MPa
Steel used in longitudinal reinforcement
Yield strength, f= MPa

Ultimate strength, f MPa
Ultimate strain, u

Steel used in transverse reinforcement
Yield strength, f=H MPa
Ultimate strength, f
Ultimate strain, uH

H

MPa

5.3.2 The upper and lower bounds of the tornado diagram
The 90th and 10th percentiles of the random variable distribution define the upper and lower
bounds in the tornado diagram. Regarding the normal distribution, the 10th percentile of a
normal distribution is less than its mean by approximately 1.28 standard deviations, while the
90th percentile is above by 1.28 standard deviations. The reference, minimum and maximum
values for each parameter in the tornado diagram analysis are summarised in Table 5-2.
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Table 5-2: Range of the random variables in tornado diagram analysis
Parameter

Reference Minimum Maximum
Compressive strength, f MPa

Concrete

Tensile strength, f: MPa

Initial modulus of elasticity, E MPa

steel

Longitudinal reinforcing

Yield strength f= , f A 506 Mpa

Ultimate strength f , f= A 440 Mpa


Yield strength (f=. , with  A 1.15
Ultimate strain, u

steel

Transverse reinforcing

Yield strength f=H , f

A 225 Mpa

Ultimate strength f H , f=H A 195 Mpa


Yield strength (f=H. H , with ¨ A 1.15
Ultimate strain, uH

Mass

H

«

«¨

Life load factor, LL

28

21.55

34.45

2.2

1.6

2.80

30305

27200

33410

440

406

474

506

467

545

440

406

474

9%

8%

10%

195

180

210

225

208

242

195

180

210

9%

8%

10%

0.3

0

1

5.3.3 Correlations between variables
Correlations between the variables have not been extensively investigated. Several
simplifying assumptions regarding the correlations between variables are made in this study
to reduce the problem size and complexity. There are three types of correlation between the
selected variables as follows:
1. Correlation between random parameters for a single member, type 1.
2. Correlation between random parameters for different members, type 2.
3. Correlation between random parameters for different storeys, type 3.
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5.3.3.1 Correlation between random parameters of material properties for a
single structural member
In general, zero correlation is assumed between the material properties of each member, a
beam and a column.

5.3.3.2 Correlation between random parameters of material properties for
different structural members
Using unique random variables for each member is a prohibitive task, as results in 462
random variables for 42 structural members with 11 parameters for each. Therefore, two
cases of correlation between the parameters for the different types of structural members are
investigated. In the first case, type 1, similar material parameters are used in all of the
structure members, both beams and columns leading to 11 random variables, e.g.
f , f: , E , f= , f , f=. , u, f=H , f H , f=H.

H

and uH . While in the second case, type 2, the beams and

columns are treated separately resulting in 22 random variables, e.g. f, , f:, , E, , f=, ,

f ,, f=. , , u , f=H,, f

H, , f=H. H,, u , f,Y , f:,Y , E,Y , f=,Y , f ,Y , f=. ,Y , uY , f=H,Y , f H,Y , f=H. H,Y , uY .

5.3.3.3 Correlation between random parameters of material properties of
structural members for different storeys
Two cases will be considered here. Firstly, full correlation is assumed between random
parameters for all storey levels; and secondly, partial correlation between structural members
at different storey levels will be considered for the most important random variables. Here,
the detailed analyses will be limited to a subset of the previously studied input parameters,
which are selected based on the results of sensitivity analyses of the first case. The first ten
most important random variables selected from the 33 studied uncertain parameters
are E, , f , f , f=. , f, , f , , f=. , , f,Y , f=,Y and f=.

,Y .

Other parameters with minor contributions

to structural collapse are treated deterministically.

Each frame is divided into four sets of storey levels associated with the changes in the
member dimensions and reinforcement details as the following: the first storey level, the
second storey level, the third and fourth storey levels and the fifth and sixth storey levels. The
selected random variables differ from a storey-set to another. Due to variation in the collapse
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modes of both frames, which has been observed from the analytical results of the first case,
both frames are more likely to collapse in a first storey or a fifth storey collapse mode, while
the BF1 frame is also likely to collapse in three additional failure modes associated with the
stepping size of the member. Hence, the impact of correlation between the member
parameters for different storeys are expected to be significant. Using separate random
variables for each subset of storey results in 40 random variables as follows:
E, , f , f  , f=.  , f, , f

f=,Yo , f=.
f=.

,Yo , E,.

, f. , f

, , f=. , , f,Y , f=,Y , f=. ,Y , E,o , fo , f o , f=. o , f,o , f ,o , f=. ,o , f,Yo ,
.

, f=.

.

, f,. , f

].í , f,].í , f ,].í , f=. ,].í , f,Y].í, f=,Y].í

,.

, f=.

and f=.

,.

, f,Y. , f=,Y. , f=.

,Y.

, E,].í , f].í , f

].í

,Y].í .

The investigation of the effects of these variables, as related to the correlation between
storeys, is very important. This is because decreasing the strength of a single or two storeys
can result in weaker storeys compared to the neighbouring storeys, leading to damage
concentration in these weaker storeys and earlier collapse. Table 5-3 lists the random
variables selected for each type of correlation to use in the sensitivity studies.
Table 5-3: Selected random variables for each type of correlation
Correlation type
Type 1
Type 2

Random variables

f , f: , E , f= , f , f=. , u, f=H , f H , f=H.
f, , f:,, E, , f=, , f

f,Y , f:,Y , E,Y , f=,Y , f

Type 3

, uH

, , f=. , , u , f=H, , f H, , f=H. H,, u ,

,Y , f=. ,Y , uY , f=H,Y , f H,Y , f=H. H,Y , uY

E, , f , f  , f=.  , f, , f

f=.

H

, , f=. , , f,Y , f=,Y ,

,Y , E,o , fo , f o , f=. o , f,o , f ,o , f=. ,o , f,Yo , f=,Yo , f=. ,Yo,

E,. , f. , f

E,].í , f].í , f

.

, f=.

.

, f,. , f

,.

, f=.

,.

, f,Y. , f=,Y. , f=.

].í , f=. ].í , f,].í , f ,].í , f=. ,].í , f,Y].í, f=,Y].í
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5.4 Selected response parameters
The response parameter that will be investigated is the time at incipient collapse, rather than
the maximum inter-storey drift prior to the collapse onset, as recommended by Talaat and
Mosalam (Talaat and Mosalam, 2008).
Defining the collapse limit state quantitatively is crucial. A structure generally does not
collapse due to the loss of a single or several members. Typically, a structure can sustain
large deformations exceeding the acceptable drift limit defined by seismic codes, without
failure due to the damage redistribution and the resistance of adjacent members. Collapse
occurs when the structure or a large portion of it becomes unstable. An important point, then,
is to distinguish between partial collapse at which a portion or a single storey of the structure
collapses and total collapse due to the extent of the possible local collapse or global collapse.
The time at incipient collapse is defined as the onset of an unrestrained increase in either
vertical or horizontal displacements at one or more storey levels. The average vertical and
horizontal storey displacements, calculated at the top ends of all columns at the considered
storey, are used to define the collapse criteria of the vertical and side-sway collapse modes,
respectively.

5.5 Ground motion selection and scaling
The collapse process is very sensitive to the input ground motion in terms of its intensity and
ground motion profile. Several factors have been taken into account to select the seismic
input for this sensitivity study, focusing on the collapse limit state only. An artificial
accelerogram generated using SIMQKE-1 (Gasparini and Vanmarcke, 1976) is adopted in
this study. Figure 5-2 and Figure 5-3 show the un-scaled accelerogram and the corresponding
elastic response spectrum, respectively.
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Figure 5-2: Reference ground accelerogram
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Figure 5-3: Corresponding elastic response spectrum
Although using real records is often desirable, as discussed in Section 6.1.1, using an
artificial accelerogram can be more appropriate in this work for the following reasons.
Firstly, due to the computational expense of the analyses, only one record will be used in this
sensitivity study, which involves around 70 random variables. Moreover, this study focuses
on the time at collapse onset, rather than on the collapse capacity, which requires a large set
of natural records to be determined. The time at incipient collapse is more sensitive to the
selected accelerogram than the collapse capacity. The time at onset collapse depends strongly
on the characteristic of the record selected, and the results cannot be generalised for other
records with different spectral shape. Secondly, real records are generally scaled, based on
the spectral acceleration at the first mode period of vibration, which can significantly change,
due to stiffness and strength degradation during the damage propagation. An accelerogram,
which matches the EC8 elastic response spectrum, can capture the changes in the dynamic
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characteristics. Finally the distribution of the intensity of the selected time history record
should be nearly uniform so the structure will be subjected to strong ground shaking during a
long duration and will not be governed by the arrival of strong shaking amplitude of real
records.
Seismic intensity level should be large enough to cause element separation resulting in
progressive collapse. In addition, the seismic demand on the structure needs to be limited.
The record intensity should not be very high otherwise it will control the collapse process and
will cause instantaneous side-sway collapse, regardless of the structure properties. The
tornado diagram analysis will be performed at two intensity levels that satisfy all these
requirements. The two desired intensity levels, which are sufficient to cause the structure
collapse, are obtained by scaling the accelerogram by factors of 2.85 and 2.35.

5.6 Selection of reference structures for sensitivity analysis
In order to investigate the progressive collapse behaviour of multi-storey structures, two fullscale six-storey RC frames, designed according to EC8, the BF1 and DCF frames, were
selected as a test-bed for the sensitivity study. The dimensions and reinforcement details of
both structures used are identical to those in Chapter 4, Section 4.3.1. However, the material
properties used here differ from those given in Chapter 4. The mean values of the material
properties, which are given in Table 5-2, are slightly larger than the mean experimental
values, are used in the analytical models.

5.7 Collapse modes
Two different collapse mechanisms were predicted for multi-storey structures, namely sidesway collapse and vertical collapse modes. Deierlein and Haselton summarised the possible
side-sway and vertical collapse scenarios for reinforced concrete frame structures, as listed in
Table 5-4 (Deierlein and Haselton, 2005). Emphasis will be on the collapse scenarios that
occur in the two six-storey frames adopted in this study. It is worth noting that reinforcing bar
pull-out failure and the failure of reinforcement lap splices are not possible due to
reinforcement details used. Continuous bars are used and the extra bar length then added at
the member edges to provide sufficient straight anchorage for reinforcement. The three
possible collapse modes are side-sway collapse, pancake collapse and the soft-storey
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mechanism. These can each be explicitly considered in the AEM models. Moreover, local
failure modes as well as global collapse mechanisms can be captured directly. The likelihood
of these collapse scenarios in a specific structure depends on the extent to which seismic
design requirements and ductile detailing are used in the design process.
Table 5-4: Possible failure scenarios for RC structures (Deierlein and Haselton, 2005)

Scenario

Side-sway collapse scenario
Description

Scenario

Beam and column flexural
FS1

hinging, forming side-sway

FV1

mechanism

FS2

FV2

possible

FV3

Beam or column flexuralFS3

shear failure, forming side-

FV4

sway mechanism

with beam and/or column

to column axial collapse

leading to column axial

Punching shear failure leading
to slab collapse
Failure of floor diaphragm
leading to column instability
Crushing of column leading to

Joint shear failure, possibly
FS4

Column shear failure leading

collapse

combination soft-storey and
side-sway mechanism is also

Description

column flexural-shear failure

Column hinging, forming
soft-storey mechanism; a

Vertical collapse scenario

FV5

hinging

column axial collapse;
possibly from overturning
effects

Reinforcing bar pull-out or
FS5

splice failure in columns or
beams, leading to side-sway

FV6

mechanism

129

Foundation failure due to
uplift or overturning

Chapter 5

Effects of modelling uncertainties on the collapse process

5.7.1 Concept of mechanism control
Nagae et al. proposed the concept of mechanism control to localise damage in a limited
number of storeys by reducing the number of structural members contributing to energy
dissipation throughout by strengthening the upper part of structure, without decreasing the
collapse capacity (Nagae et al., 2005). They investigated the effects of the extent of the
partial collapse mechanism on the collapse capacity of twelve-storey RC frame structures
designed to collapse in a complete failure mode involving almost all of the structure storeys.
Column strengths are usually designed to be significantly larger than the adjacent beam
strengths. Four sizes of collapse mechanism have been examined as follows, a first-storey
mechanism, a storey mechanism extending from the first to the fourth storey, a storey
mechanism involving all of the first seven storeys and a storey mechanism involving all of
the first ten storeys. In each of these mechanisms, plastic hinges are allowed to form only at
the beam-ends of the storeys, within the extent of the partial mechanism, in addition to the
top column ends in the highest storey in the partial mechanism extents and the bottom ends of
the first-storey columns. In the analytical models, only the elements ends that are allowed to
inelasticity deform are modelled using inelastic springs. Other members are modelled as
elastic elements.
It was concluded that the sum of the maximum plastic rotations of all hinges formed at
a specific hazard level and the cumulative hysteretic energies of the entire members are
almost the same, regardless of the size of the collapse mechanism (Nagae et al., 2005). At a
specific hazard level, a structure consumes approximately a constant amount of energy,
regardless of the damage spread. Furthermore, the collapse probability at a given intensity
level increases as the partial mechanism size decreases as shown in Figure 5-4. Generally, the
energy dissipation is concentred in the lower storeys. Thus, increasing the partial mechanism
extent beyond a certain number of storeys (four storeys), will be not be effective as the
amount of energy consumed by the upper storeys is small (Nagae et al., 2005).
It was observed that the number of storeys involved in the collapse mechanism of
reinforced concrete frame buildings of more than seven storeys is around 25% of the total
storey number (Haselton et al., 2011b).
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Figure 5-4: Collapse capacity fragility curves (Nagae et al., 2005)
Investigation of the effects of the variation of strength over 8-storey and 12-storey
buildings height was performed by Haselton et al. (Haselton and Deierlein, 2008, Haselton et
al., 2011b). The strength of the upper storeys of structures was increased, while the strength
of the first or both the first and second storeys was held constant in order to have strength
ratios of 80% and 65%. The results showed that the collapse margin slightly decreased in the
case of weak first and second storey, due to the fact that the predominant collapse mode of
the unmodified structures was already a first-second storey mode. Therefore, weakening the
lower storeys only resulted in a small amount of localised damage. On the contrary, collapse
capacity increased in the case of weak first storey even though the predominant collapse
mode was a first storey mode and the strength modification did not change the failure mode.
This could be attributed to the fact that the design process caused a slight rise in the inelastic
deformation capacity of the first-storey columns, which allowed the energy to dissipate in
more storeys and resulted in better seismic collapse resistance.

5.7.2 Beam to column strength ratio
Haselton et al. carried out a study to assess the seismic performance of 30 reinforced concrete
structures with ductile special moment-resisting frame systems designed according to modern
seismic codes, such as: ICC 2003, ASCE 2005 and ACI 318 (ACI, 2002, ASCE, 2002,
ASCE, 2005). Only the side-sway collapse mechanism was considered in this assessment.
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They concluded that seismic design provisions can delay the formation of column plastic
hinges but do not prevent the occurrence of soft storey mechanisms (Haselton et al., 2008b,
Haselton and Deierlein, 2008, Haselton et al., 2011b). Furthermore, it was found that there is
often a storey collapse mechanism, in which severe damage is concentrated over a few
storeys.
In order to limit the formation of plastic hinges in columns, two methods can be
employed, either increasing the strengths of the column with respect to those of beams or
decreasing the beam strengths. Haselton et al. investigated the effect of beam strength on the
collapse capacity by keeping the column strengths constant and changing the beam strength
to vary from 20 to 180% of the design strength. The collapse capacity was found to be
relatively higher for beam strength ratios in the range of 60–100%, while the collapse
capacity decreased in other cases, where the beam strength ratio was greater than 100% or
less than 60% (Haselton et al., 2008b).
Based on the investigation of the influence of the ACI 318 strong-column weak–beam
ratio on the seismic collapse resistance of moment resisting frame structures with varying
heights, the seismic performance was enhanced by increasing this ratio by up to 1.2 for lowrise frame structures, and to more than 3 for mid- and high-rise buildings, respectively. The
number of storeys engaged in the failure mode increased in the latter case due to increase in
the plastic deformation capacities of all storeys, while no effects has been noted in the former
(Haselton and Deierlein, 2008, Haselton et al., 2011b).
Ibarra and Krawinkler found that code requirements did not prevent the formation of
column hinging and that the collapse capacity of generic frames decreased by up to 75% if
the strong-column weak-beam factor was 2.4 when compared with the case of using columns
with infinite strength (Ibarra and Krawinkler, 2005).
A study of the seismic evaluation of the strength demands of a set of regular momentresistance frames with various number of storeys illustrated that even though these frames
were designed, according to the recent seismic codes, and satisfied the strong-column weakbeam requirements, the possibility of column hinging was relatively high (Medina and
Krawinkler, 2005).
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Haselton and Deierlein reported that collapse capacity decreases as the strong-column
weak-beam ratio reduces, and that increasing this ratio shows no clear trend in increasing the
collapse capacity, as shown in Figure 5-5 (Haselton and Deierlein, 2008). This is due to the
fact that this study was conducted using a 4-story reinforced concrete frame building and the
low-rise building is less sensitive to the changes in this value as mentioned above.

Figure 5-5: Variation in collapse fragility function with strong-column weak-beam ratio
varied to µ01 2 √3 σ01  (Haselton and Deierlein, 2008)

The column to beam strength ratio plays an important role in determining seismic
collapse behaviour (Zareian and Krawinkler, 2009). Dooley and Bracci suggested utilising a
ratio of 2.0 or more to avoid a soft storey mechanism (Dooley and Bracci, 2001).

5.8 Results of sensitivity study
The effect of modelling uncertainties on the seismic collapse process of the BF1 and DCF
frames investigated in this study is presented below. The collapse performance will be
assessed using an artificial earthquake record with two intensity levels. The concern of this
study is on the time at incipient collapse and the corresponding collapse mechanism.
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5.8.1 Sensitivity of the time at incipient collapse to each random variable
The variability of the time at incipient collapse, due to uncertainties in the modelling input
parameters, is presented in the tornado diagram analyses; the random variables are ordered
according to their relative importance. Figures 5-6 and 5-7 show how the random variables,
type 1 and 2 correlation, affect the time of collapse onset for the BF1 and DCF frames,
respectively. The effects of uncertainties in the correlated random variables of type 3 on the
time of collapse onset are depicted in Figures 5-8 and 5-9 for the BF1 and DCF frames,
respectively.
The reference values for the tornado diagram analysis for the BF1 frame are 15 and 4.2
sec for PGA level of 0.7 g and 0.86 g, respectively. Similarly, the reference values for the
DCF frame are 10 and 4.1 sec for PGA level of 0.7 g and 0.86 g, respectively. A relatively
small increase in the seismic intensity results in significantly earlier collapse in both frames.
Moreover, the frame BF1 collapses in different failure modes due to an increase of 0.16 g in
the seismic intensity. Changing the intensity level alters the order of the importance of the
random parameters for correlation of type 1, 2 and 3. The most important random variables
for the DCF frame are: f , Mass, f

,Y

, f , , f,Y , f=.

,

and E, at 0.86 g and f=. , , f=. ,

f ,, E, , Mass, f, and f at 0.7 g. For the BF1 frame, the most critical random variables are
E, , f=.

,Y , f=.

, f,Y , Mass, f, and f at 0.86 g and Mass, f ,, f , f

,Y , f=. , , f=.

and f at 0.7 g.

Thus, seismic intensity is one of the most important factors controlling the collapse process.
It is worth noting that the effects of scaling random variables on the time at incipient collapse
increase in response to a decrease in the seismic intensity level.
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Figure 5-6: Tornado diagram analysis for sensitivity of the time at incipient collapse for the
BF1 frame, type 1 and 2
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Figure 5-7: Tornado diagram analysis for sensitivity of the time at incipient collapse for the
DCF frame, type 1 and 2
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In general, it has been found that the effects of the selected parameters are governed by
collapse mode, the damage localisation and the secondary effects during the collapse process,
such as the impact between different elements and force redistribution following the element
separation. As previously mentioned, the energy dissipated in structures at a given intensity
levels is constant, regardless of the damage pattern (Nagae et al., 2005). Thus, the effects of
changing the input modelling parameters can either lead to a concentration of damage in a
single or two storeys resulting in earlier collapse, or to distributing the structural damage
throughout the whole structure. Hence, the collapse of the structure will be avoided, or the
time at the collapse onset will be delayed.
The order of the importance of the random variables varies according to the structural
system, the correlation type and the seismic intensity.

5.8.1.1 Sensitivity of the time at incipient collapse to each random variable (Type
1 and 2 correlation)
Observations from Figures 5-6 and 5-7 regarding how scaling the random variables to
21.28σ influences the collapse process of the BF1 and DCF frames are as follows:

Concerning the material properties, the time at collapse onset is often most sensitive to

the longitudinal reinforcing steel strength, f , f=. , followed by the concrete compressive

strength, f . Increasing the strength of the longitudinal reinforcing steel in the entire structure,

or in all of its columns, leads to a considerable increase in the strength of the corresponding
structure, resulting in a stronger structure capable of resisting the seismic loadings.
Regarding the member type, it has been found that increasing the column strength is

more effective in delaying the collapse onset than reducing the beam strength at the lower
intensity level, 0.7 g. On the contrary, decreasing the strengths of the structure beams is better
than enhancing the column strength of the entire frame, when delaying or preventing the
collapse occurrence of both frames at higher intensity level. This is due to the fact that the
increase in column strength is insufficient to prevent the column hinging at high PGA levels.
Increasing the values associated with the column strength, e.g. f=.

,

,f

postpones the time at incipient collapse, or avoiding structural collapse.
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One of the most important variables is the gravity load in terms of the live load applied,
and hence the corresponding distributed masses. In the case of full occupancy, seismic forces
and the gravity loads are higher, leading to a decrease in column capacities and resulting in
earlier soft-storey mechanisms. On the contrary, the seismic demands on a structure and the
gravity-induced axial loads on the columns are less in the case of no occupancy. Utilising a
zero live load factor results in avoiding or delaying the occurrence of collapse, e.g. the time at
collapse incipient of the BF1 frame is postponed by 10 sec at 0.8 g. The DCF frame survives
seismic forces without collapse at both PGA levels in the case of zero live load factor, but the
BF1 frame experiences no collapse at the low seismic intensity only.
It is worth noting that changing most of the parameters related to the strength of the
beams and the structure mass have an inverse effect on the time at incipient collapse. Thus,
decreasing their values often results in delaying the time of the collapse onset and vice versa.
The random variable associated with the column stiffness, E, , has a considerable impact on

the collapse process, and increasing the value of this parameter may delay the collapse
occurrence, while no effects has been noted when its value reduces. The sensitivity of the
time of the collapse onset to the random variable related to the beam stiffness, the initial
modulus of elasticity of concrete in the beams, is insignificant. In addition, the concrete
tensile strength is not an important variable to the collapse process. The least important
parameters are the parameters related to the transverse reinforcing steel. Changing these
parameters has a slight effect on the time of incipient collapse, less than 1.8 sec as observed
from the sensitivity analyses.
To understand why there is some differences in the effects of the random variables on
the collapse process of both frames at the two PGA levels, a closer look at the most important
variables has been undertaken in the next section.
As previously mentioned, the formation of column hinging can be delayed or limited by
either decreasing the beam strengths and keeping the column strength constant, or by
increasing the strengths of the columns without changing the beam strength. The results show
that reducing the beam strength has a larger impact on delaying the collapse onset than
increasing the column strength at the high intensity level, whilst the opposite occurs at the
lower intensity levels. The explanation for this maybe that both frames collapse in a soft firststorey mechanism, controlled by the strength of the members of the first storey at high
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intensity level. Delaying the first-storey collapse onset can be achieved by increasing the
strength of the first storey column or reducing the strength of the members in the upper
storeys or the beams of the first storey. As a full correlation has been assumed between all
similar structural members located at all storey-levels, increasing the strength of the firststorey columns accompanies a relatively smaller increase in the column strengths of other
storeys according to their dimensions and reinforcement amounts. However, the increase in
the column strength is not enough to considerably change the damage distribution; and thus
affecting the corresponding failure mode, the soft first-storey mode. While reducing the beam
strength of the entire frame leads to better damage distribution over the structure height, there
is more damage localisation in the beams rather than in the columns, resulting in a different
damage pattern. For example, the BF1 frame collapses in a pancake mode due to the impact
between the falling beams, the beams in the fifth storey, and the structural beams below as a
result of scaling f,Y to -1.28σ, and this frame does not experience collapse as a result of

scaling f=.

,Y

to -1.28σ.

It is worth noting that the effect of uncertain parameters is not symmetric. At high
seismic intensity, both frames are governed by a first-storey mechanism, which occurs
approximately at 4 sec. The arrival of strong motions starts around 2.5 sec. Hence, only the
effects of uncertainties in random variables on enhancing the seismic performance of
structures can be investigated at this intensity level, as the structures are not expected to
collapse earlier. At a lower PGA level, the focus is more on selecting the random variables
that can lead to earlier failure, less than 15 or 10 sec, since both frames are subjected to a
long duration of a shaking motion and are on the verge of collapse.
In certain cases, decreasing the column strength or increasing the beam strength may
prompt the opposite trend leading to a delay in the collapse onset, instead of causing earlier
collapse. This could also be attributed to the variation in the collapse mode and the significant
changes in member strength, which are sufficient for causing a structure to collapse in a
different mechanism, e.g. f
scaling f

,Y

,Y

in the BF1 frame at 0.7 g. Surprisingly, it has been found that

of the BF1 frame results in the opposite trend. Reducing the value of f

,Y

modifies the collapse mode from a multi-storey mechanism to a fifth soft-storey mechanism,
which takes place 8 sec earlier at 0.7 g, and increasing it leads to extending the partial
collapse mechanism over three storeys and to 3.5 sec delay to the collapse onset.
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Moreover, decreasing and increasing the value of some random variables may show a

similar trend, especially at low seismic intensity, e.g. f, , f=.

,Y , f

in the BF1 frame and f, , f

in the DCF frame at 0.7 g. This could be also due to the variation in the possible collapse
modes and the corresponding damage distribution throughout the entire structures. Based on
the sensitivity study results, it has been observed that the frame BF1 collapses in various
failure modes, varying from a single soft storey to different multi-storey mechanisms at the
PGA of 0.7 g. Furthermore, a combination of vertical and side-sway collapse modes has been
noted in several cases. Asymmetric effects have often been observed when scaling random
variables switches the failure mode. More information about the potential collapse modes of
both frames are presented in the next section.
For instance, scaling the f=.

,Y

to 21.28σ delays the collapse onset of the BF1, due to

the formation of two different failure mechanisms. Increasing the f=.

,Y

leads to a vertical

collapse mode, involving the third and fourth storeys. Reducing the value of this variable
results in a side-sway collapse over three storeys, from the third to the fifth-storey. A

reduction in the value of f changes the collapse mode of the BF1 from a first-storey
mechanism to a third soft-storey mechanism, which postpones the time at incipient collapse
by 6.5 sec at a PGA level of 0.86 g.
The asymmetric effects in the response of the DCF frame are less because this frame
generally collapses in a first-storey mechanism with slight damage concentration in the third

or the fifth-storey. At a PGA level of 0.7 g, changing the value of f of the entire DCF frame
adversely influences the collapse onset. This could be due to changes in the ratio of the

strong-column weak-beam as a result of the relative changes between the strength of the
columns and those of the beams, which depends on the member dimensions. Further
investigation of some of these counterintuitive effects is still required.
Increasing the value of Fj while keeping the value of F[ constant shows an opposite

trend in all cases, Fj , Fj,C , Fj,Z . This is due to the fact that for a large value of Fj , the value of

the corresponding ratio of

F[ /Fj is relatively small. Seismic collapse is more sensitive to

changes in the value of this ratio. Reducing this ratio in columns often leads to earlier
collapse despite the increase in the value of f= . For example, when f=, decreases without
changing the value of f , the frame DCF does not collapse at both intensity levels, and the
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collapse of the BF1 frame delay by 7 sec at an intensity level of 0.86 g. The swings
representing the effects of these random variables have been omitted from the tornado
diagram.
Correlation between random variables for different members could considerably affect
the results of the sensitivity studies. A comparison between two cases, namely type 1 and
type 2, shows that the order of the importance of the random variables does change
dramatically as well as the swing of these parameters around the reference value. For
instance, the effect of increasing the concrete modulus of elasticity in both beams and
columns has insignificant effect contrary to the effect of raising only that of the columns,
which may postpone the collapse onset. Furthermore, altering the strength of the beams or
columns has more effect than changing the strength of both. This is due to the fact that the
strong-column weak-beam ratio plays an important role in governing failure modes and
distributing the damage throughout the structures, as mentioned above.
Capturing the effects of uncertainty in correlated parameters is complex. It necessitates
taking appropriate correlations between the structure random variables into account when
quantifying the uncertainty in the structure performance at the collapse stage. Haselton et al.
stated that the uncertainty in collapse capacity is significantly affected by the degree of
correlations between random parameters (Haselton et al., 2008b). To understand the effects
of correlations between random variables for different storeys, type 3 correlation, a second
sensitivity study has been carried out using the most important random variables, based on
the results of the first sensitivity study. The dominant contributors to the time at incipient
collapse of both frames are: E, , f , f , f=. , f, , f . , f=. , , f,Y , f

,Y , f=. ,Y .

5.8.1.2 Sensitivity of the time at incipient collapse to each random variable for
different storeys (Type 3 correlation)
Figures 5-8 and 5-9 show how changing the random variables for different storeys affects the
time at incipient collapse. Comparing the results of the first and second sensitivity studies
shows that the swing lengths in tornado diagrams are larger in the case of type 3 correlation,
indicating the significant impact of the correlation between storey strength on the collapse
process. Changing the strength of a single or two storeys without modifying the strength of
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the other storeys may result in a single or two weak storeys. Hence, the damage will be
localised in a weak area leading to unexpected collapse modes.
The dominant failure mode of the DCF frame is a first-storey mechanism combined
with damage localisation in the fifth storey at 0.86 g, and with damage concentration in the
third storey at 0.7 g. The collapse of this frame can be delayed or prevented using two
strategies as follows: Firstly, significantly increasing the strength of the first-storey member,
especially those of the columns. Secondly, weakening the strength of the fifth or of the third
storey compared to that of adjacent storeys, in order to allow more energy to dissipate in the
weak storey and to reduce the cumulative sum of column plastic rotations in the first storey.
The latter can be achieved by either reducing the column strength of the storey or increasing
the strength of those of the adjacent storey. The results of sensitivity analyses provide insight
into the effectiveness of the modification of the parameters governing the strength or stiffness
of a single or couple of storeys.
The most influential random variables for the DCF frame are those related to the
strength of the first-storey columns, followed by those affecting the column strength in the
upper storeys. The most important random variables are: f=.

at 0.86 g; and f, , f

,].í , f ,].í , f=. , , f , , f=. , , f ,

at 0.7 g.

, , f , , f=. ,.

,f

,.

, f, , f

,

The collapse can be avoided by significantly increasing the column strength at the first

storey or at the upper storeys due to increasing the value of f=.

f

,].í , f ,].í ).

, , f , , f, , f=. ,.

,f

,.

,

It is interesting to note that increasing as well as reducing the strength of

columns at the third and fourth storeys, C3 and C4, can lead to delay or prevent the collapse
occurrence at both intensity levels. However, reducing the strength of these columns is less
effective. This may be because weakening the strength of the C3 and C4 allows collapse to be
triggered in these storeys.
Modification of the strength of the third and fourth storeys has a larger impact than
modifying that at the fifth and six storeys at high PGA levels; while the effects of changing
the fifth storey’s strength are more significant at the lower PGA level. This could be because
the collapse mode migrates to the upper storeys, the third, fourth storeys, and the fifth storey,
under lower PGA levels. Thus, the contribution of strength of the third and fourth storeys in
damage redistribution becomes larger.
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Altering the strength of a single or two storeys has a larger influence than changing the
strength of the entire structure. At the lower storeys, weakening the strength of any structural
member, excluding that of the first storey columns, can delay the time of the collapse onset.
This is due to the formation of plastic hinges in these members.
Weakening the strength of any of the four upper storeys will not cause earlier collapse,
unless the predicted collapse mode of the structure is changed to another failure mode.
Therefore, the predicted time of collapse onset does not increase with decreases in
f

,].í , f ,].í , f ,.

 at the PGA level of 0.7 g. The alteration of the damage pattern due to

scaling some random variables is the main reason for asymmetric effects.

For the BF1 frame, the most critical random variables are f, , f

E, , f

,Yo , f ,

) and f

,.

,f

,].í , f=. ,.

,f

,.

,f

, , f , , f=. ,].í , f=. , 

,o , f=. , , f ,o , f ,Y ,

at 0.86 g and 0.7 g,

respectively. It has been found that the effect of the second storey strength on the time at
incipient collapse at the PGA of 0.86g is larger in the BF1 frame than in the DCF frame. This
could be due to the dominant first storey mechanism, in which slight damage is predicted in
the upper storeys at the higher PGA level. Thus, the strength of the first storey and the
surrounding storey are the most important when compared with those of the remaining
storeys.
Improving the strength of the first storey by enhancing the column strength or reducing
the beam strength can delay the occurrence of collapse while the strength of the second storey
column has inverse effects on the time at incipient collapse. The reason could be that
strengthening the second storey columns or weakening its beams forces the energy to
dissipate in the first storey members, particularly in the columns.
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Figure 5-8: Tornado diagram analysis for sensitivity of the time at incipient collapse for the
BF1 frame, type 3
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Figure 5-9: Tornado diagram analysis for sensitivity of the time at incipient collapse for the
DCF frame, type 3
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The strength of the upper storeys has a considerable effect provided the collapse mode
is modified. For example, the first storey collapse mode can be altered to a fourth and fifth
storey failure mode by weakening the beam strength of the two upper storeys, as a result of
reducing f

,Y].í .

Similarly, a decrease in f

,Y.

causes a pancake collapse, due the impact

between the falling beams of the fourth storey and the lower structural members.
At the lower intensity level, the structure can experience several failure modes. Most of
these possible collapse modes involve several storeys at the upper part of the structure.
Therefore, the structure is more sensitive to the strength of the columns in the four upper
storeys and decreasing the steel strength in these columns often results in earlier failure. The
effects of enhancing the strength of a couple of storeys at the upper part on the onset of
collapse are not significant as the failure mode moves to the neighbouring storeys. Thus, the
possible collapse modes are the dominant factor in determining the order of the selected
random variables.
Generally, the steel strength of all the columns in the different storeys has larger effects
as decreasing this value leads to failure modes concentrated in the corresponding storey to the
scaled random variables. For instance, scaling all the following random variables (f
f

,].í , f=. ,.

,f

,.

,f

, , f , ,

f=.

,].í , f=. , 

,.

,

to -1.28σ causes the damage to localise in the

corresponding storeys and switch the failure mechanism. Only enhancing the columns located
at the middle storeys, 3 and 4, leads to a delay in the time at incipient collapse. This could be
due to the fact that the damage, which is expected to occur in these two storeys without the
scaling, has been redistributed between the upper as well as the lower storeys of the 3 and 4
storeys.
It has been found that maximum storey drift ratio and the maximum horizontal
displacement prior to the start of the unrestrained increase of displacements are ineffective
measures for assessing the importance of each uncertain parameter on progressive collapse
behaviour, especially in the case of vertical collapse, similar to the conclusion of Talaat and
Mosalam (Talaat and Mosalam, 2008). A vertical failure mode often results in a smaller
storey drift ratio than those of side-sway collapse. With respect to the side-sway collapse
mechanism, the earlier a single-storey mechanism forms, the smaller values of both the
maximum storey drift ratio and horizontal displacement prior to the onset of collapse are
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obtained. This is due the concentration of damage in a single storey instead of the formation
of uniformly distributed plastic hinges throughout the structure. Thus, these observations
concur well with the results of a study on mechanism control performed by Nagae et al.
(Nagae et al., 2005). Furthermore, no clear trend in these measures has been mentioned in
such cases without collapse.
The collapse mechanisms obtained from the analyses will be discussed in more detail in
the following section.

5.8.2 Results of sensitivity study on the collapse mechanism
The potential collapse modes predicted by the nonlinear dynamic analyses are listed in Tables
5-5 and 5-6, which summarise the primary modes of all collapse cases of both selected
frames. In order to clarify the failure modes, the mechanisms are depicted for the point after
the collapse onset after the separation of the structure members takes place. Nonlinear time
history analyses revealed that modelling uncertainties could lead the BF1 frame to collapse in
at least five different collapse mechanisms at both PGA levels for the three correlation types.
However, the DCF frame has only one common failure collapse mode, a first-storey collapse
mode, for the correlation type 1 and 2. It is interesting to note that only the type 3 correlation
results in three additional collapse mechanisms at both intensity levels. These potential
failure modes are associated with the stepping of columns sizes throughout the structure.
The predominant collapse mode of the BF1 frame at a PGA level of 0.86 g is a global
collapse mode, due to a single first-storey mechanism, while a multi-storey mechanism at
upper storeys takes place at a PGA level of 0.7 g. It is noted that the soft storey mechanism
often migrates from the lower to the upper storeys as a result of decreasing the seismic
intensity for specific accelerograms, and is consistent with the findings of (Zareian et al.,
2010, Aslani and Miranda, 2005).
It has been observed that most members in the upper part of the structure exhibit severe
damage before the onset of collapse at a lower intensity, generally vertical or multi-storey
collapse modes. Side-sway collapse is more likely to occur at high intensity levels.
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Even though the collapse behaviour of the BF1 frame structure is governed by two
predominant failure modes associated with the PGA level, different collapse mechanisms,
such as: side-sway referred to as ‘S’, and the vertical collapse mechanism noted as ‘V’, may
occur due to uncertainties in the input parameters.
As can be seen in Tables 5-5 and 5-6, common collapse modes are either a single soft
storey mechanism, which takes place at one of the fifth bottom storeys, or a multi-storey
mechanism extending over more than a single storey.
The predicted single-storey side-sway collapse mechanisms are as the following: a firststorey collapse mode, S1; a second-storey failure mode, S2; a third-storey collapse
mechanism, S3; a fourth storey collapse mode, S4; and a fifth-storey failure mode, S5. Two
additional side-sway collapse modes were predicted, namely: S3+4 and S4+5. The former is a
soft storey mechanism over the third and fourth storey together, and the latter is a side-sway
mode over the fourth storey and fifth storey together. Side-sway collapse mechanisms occur
due to hinging of the beams and columns in the storey, where the soft-storey is happened.
As regards the vertical collapse mode; four vertical failure modes have been predicted
V3, V4, V5 and pancake collapse, due to the impact of the falling beams on the lower parts of
the structure. The first three vertical collapse modes occur due to flexure-shear failure of the
middle columns of the storeys.
The correlation type between random variables has a significant effect on potential
collapse modes. In particular, the correlation of type 3 results in additional different failure
modes in both frames compared to the cases of correlation type 1 and 2. Only one failure
mode has been predicted in the DCF frame using correlation type 1 and 2, and correlation
type 3 can considerably switch the collapse mode. Thus, the collapse of structures can be
prevented by altering the strength of the columns located at a single storey rather than
changing the entire structure strength.
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Table 5-5: Potential collapse mechanisms and the number of occurrence of each failure mode
for the BF1 frame
Collapse mode

0.87 g

0.7 g

45

f:
f
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51
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-

-

-

yf

,o ,
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Table 5-6: Potential collapse mechanisms and the number of occurrence of each failure mode
for the DCF frame
Collapse mode
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0.7 g
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The propagation of failure is strongly affected by several factors. These factors are the
type of the structural elements that initiate the collapse process, e.g. a beam or a column, the
location of this element, e.g. a beam at an exterior or an interior bay, an exterior or an interior
column at lower or upper stories, the number of the damaged elements and the capacity of the
neighbouring members.
Moreover, the collapse scenarios may change dramatically, due to secondary effects,
such as impact between elements and force redistribution. Ignoring these effects may lead to
inaccurate predictions of the collapse modes or un-conservative estimation of the collapse
probabilities, due to the exclusion of some possible collapse mechanisms. For example, the
impact of falling beams on the structural members located at the lower storeys is the main
cause of collapse in several cases, as seen in Tables 5-5 and 5-6. Furthermore, failure of the
majority of beams at a single storey level can result in a formation of tall columns and
consequently a collapse mechanism. In all collapse cases, complete collapse occurs due to the
impact forces resulting from collision between the falling elements and the severely damaged
members at lower storeys.
Although the design of the structure satisfies the strong-column weak-beam principle
and a complete ductile collapse mode is anticipated to occur under the earthquake forces,
plastic hinges form in columns in most cases of collapse. These results are consistent with the
findings of other researchers, which are mentioned in Section 5.7.2 (Haselton et al., 2011b,
Zareian and Krawinkler, 2009). As the same amount of energy is dissipated at a given
seismic intensity, the desirable failure mode can be obtained provided the severe damage is
uniformly distributed throughout the structure beams and column hinging is limited.
Avoiding soft storey mechanism can contribute towards delaying the onset of collapse or
preventing it. Therefore, a control mechanism where energy dissipates in the hinging of many
beams located in predefined area of a certain number of storeys has been suggested.
However, controlling the failure modes can improve the structure performance and its
collapse capacity to a certain degree as previously mentioned by (Nagae et al., 2005).
The conclusions of this study provide an insight into the importance of uncertain
modelling parameters on the collapse modes. The secondary effects are a primary contributor
to the collapse of both frames in several cases and play an important role in determining the
next the structural members to progressively separate in all of the collapse cases.
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5.9 Conclusions
The effect of uncertainty in material properties on the collapse process has been investigated.
The conclusions here are subjected to the assumptions and limitation of the modelling
approach. The major findings regarding the effects of a selected set of uncertain parameters
with different correlations, on the time at incipient collapse and the corresponding failure
mechanism, are summarised below:
• The order of the importance of the random variables depends upon the structural
system, the correlation between the random variables and the seismic intensity level.
• Seismic intensity is one of the key factors that governs the collapse process.
• The most important variables are those in which variations can change the collapse
process and lead either to a more uniform damage distribution with a larger number
of structural members involved in the collapse mechanism or to more damage
localisation and a single storey mechanism.

• The longitudinal reinforcing steel strength, f , f=. , followed by the concrete
compressive strength, f , are the most important factors.

• The least important parameters are those related to the transverse reinforcing steel,
the concrete tensile strength and the initial modulus of elasticity of concrete in the
beams.
• The mass and the random variables that affect the beam’s strength often have an
inverse effect on the time at incipient collapse.
• The effect of uncertain parameters is not symmetric. Scaling of some random
variable can show the opposite trend due to the variation in the possible collapse
modes. Therefore, further sensitivity studies of this issue are critical.
• Modification of the strength of all beams in the structure has a greater impact on the
collapse process than altering the strength of all the beams in a single or two storeys.
Conversely, the effects of scaling the strength or stiffness of the columns of a single
or two storeys are more significant than modifying those of the entire structure.
Similarly, altering the strength of a single of two storeys has larger influences than
changing the strength of the entire structure.
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• The uncertainties in the material properties change the damage pattern and thus
affect both the collapse modes and the structural collapse capacity (the occurrence of
collapse). The time of collapse onset and the collapse mode are highly sensitive to
structural modelling uncertainties and to the correlation between these random
variables. The order of the importance of the random variables alters dramatically in
addition to the swing length of theses parameters in the case of random variables
with type 3 correlation, which are the most influential case.
• Different failure modes involving vertical, side-sway and pancake collapse modes
have been predicted due to variations in the selected variables with different
correlation types.
• The maximum storey drift ratio prior to the onset of collapse is an ineffective
measure in determining the importance of random variables on the structure collapse
behaviour.
• The most influential random variables for a given structure are those related to the
strength of the members that trigger the structure collapse. The structural members
that are expected to separate first.
• The soft-storey mechanism often migrates from the lower to the upper storeys as the
seismic intensity level of given accelerograms reduces.
• Ignoring the secondary effects, the impact between different elements and force
redistribution following element separation, can lead to unsafe collapse predictions,
due to neglect of some possible failure modes.
• Even though the structural system in both frames satisfies the seismic code design
rules regarding the strong-column weak-beam provision, column hinging often
occurs leading the structure to collapse in a soft-storey mechanism.
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6.1 Introduction
Buildings are usually subjected to three-dimensional seismic loadings. Seismic collapse
assessment of reinforced concrete, RC, structures under horizontal ground motions has been
extensively studied. However, researchers have tended to neglect the effect of vertical ground
motion on the collapse process. The collapse probability and failure modes under combined
horizontal and vertical earthquakes need to be studied in order to mitigate seismic risk.
This Chapter focuses on assessing the effects of vertical ground motions on the
structural collapse response of two RC frame structures, designed according to a modern
seismic code, Eurocode 8 (Eurocode 8 (EC8), 1988 (draft); 1994). The importance of
considering vertical ground motions on assessing the structure collapse behaviour is
investigated by comparing collapse potential and failure modes under earthquake induced
collapse, with and without vertical ground motions. Five levels of ground motion intensity,
including median collapse capacity, the collapse resistance, have been considered. The
median collapse capacity represents the ground motion intensity measure, the spectral
intensity, which induces the structural collapse of a building for 50% of seismic records
(Liel and Tuwair, 2010).
In this Chapter, a number of studies concerning the effect of the vertical ground motion
component on RC buildings are briefly reviewed. Also, the characteristics of the vertical
component are described. The EC8 current state of practice in regards to vertical ground
motions is summarised. Selection and scaling procedures for ground motion records are
presented. A set of seven three-dimensional ground motion records satisfying the EC8
provisions is selected. In order to avoid a special case, where the effects of vertical
component are dominant and to provide realistic conclusions, far-field records with different
vertical to horizontal ratios, V/H, are selected instead of near-field records. Conclusions are
drawn with regard to the progressive collapse response for two different types of RC frame
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structures at different ground motion intensity levels. The main focus of this Chapter is on the
effect of vertical component on collapse probability and failure modes.

6.2 Previous studies
Damage investigations and failure modes observed during past earthquakes have indicated
that the vertical components of strong motions may be the cause of collapse in some
structures, especially those located near to a fault during devastating earthquakes (Broderick
and Elnashai, 1995, Papazoglou and Elnashai, 1996). The collapse of RC structures observed
was attributed to reductions in the column capacity, due to the fluctuation of their axial forces
resulting from vertical excitation.
There are a limited number of studies concerning the effect of vertical motion on the
inelastic response of RC structures, and most research has focused on the near-field motions,
where the intensity of the vertical component is likely to be significantly high. The intensity
of vertical excitation decreases more rapidly than that of the horizontal excitation in response
to an increase in the source-site distance. Some previous studies, which add weight to the
importance of considering vertical ground motions in investigating the seismic performance
of RC structures, are reviewed below.
Munshi and Ghosh investigated the inelastic response of a 12-storey reinforced
concrete structure subjected to different earthquake records. The analytical results showed
that the inclusion of a vertical component in the case of the Northridge earthquake caused a
small rise in the maximum deformations to the frame system with a slight difference in the
hinge formation pattern and the magnitude of the hinge rotations. Whereas frame-wall system
performance was less sensitive to the inclusion of vertical motion (Munshi and Ghosh, 1998).
Collier and Elnashai suggested simple procedures for combining vertical and horizontal
earthquake components (Collier and Elnashai, 2001). Their study focused on investigating
the effects of the time interval between peaks and the V/H ratios, on the vertical period of a
four-storey RC structure. Their results showd that the time interval varies according to source
distance. Furthermore, they concluded that the interaction effects of vertical motions are
important, especially when the time interval between the horizontal and vertical peaks is not
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greater than 2 sec. In addition, the amplitude of both vertical and horizontal accelerations can
strongly affect the vertical period of vibration.
Mwafy and Elnashai assessed the seismic response of twelve RC buildings, designed
according to Eurocodes 2 and 8, using an incremental dynamic analysis. Three types of
structural systems, irregular, regular frames and frame-wall system, with different design
levels were investigated (Mwafy and Elnashai, 2006, Mwafy, 2001). They found, by
comparing the response of these structures when subjected to only horizontal component with
those under combined vertical and horizontal components, that the effect of the vertical
component depends on the characteristics of the building and on the ground motions. The
effect of the vertical component increases at high ground motion intensity due to Ã y ∆

effects. These are more pronounced in structural members that are subjected to a relatively
low contribution of the lateral action; for example, the interior columns located in the higher
storeys of taller structures and the columns of irregular structures. The effect of vertical
ground motions on global response differs according to the ground motion intensity and up to
a 12% increase in the top storey lateral displacement has been observed in some cases. In
addition, the contribution of the vertical component frequently decreased the intensity level,
corresponding to the attainment of the collapse limit state at an inter-storey drift of 3%. The
effect of the vertical component on the member response, and thus on the failure mode was
more obvious. Local failure was observed under a PGA, as less by approximately 23%.
Inclusion of the vertical component can lead to a 45% increase in the column axial
compressive forces and a 6% decrease in shear strength. Moreover, tensile forces were
developed in some columns under combined vertical and horizontal components (Mwafy,
2001, Mwafy and Elnashai, 2006).
Another study of the effect of vertical ground motions on the seismic response of
reinforced concrete buildings was conducted by Kadid et al. (Kadid et al., 2010). Three
different structures (rigid, semi-rigid and flexible) were nonlinearly analysed utilising
distributed and lumped mass models. They concluded that the effect of a vertical component
on the inter-storey drift was small, while its effect on column axial forces, which was more
pronounced in the case of distributed mass. Tensile forces were induced in some columns.
Compression axial forces in columns, especially interior columns could increase by up to
84%.
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Kim et al. conducted several studies on the effects of vertical components on RC
structures and bridges (Kim et al., 2011b, Kim et al., 2011a, Kim and Elnashai, 2008, Kim
and Elnashai, 2009). Kim and Elnashai studied the seismic performance of 15 RC structures,
subjected to a suite of records representing the Kashmir earthquake characteristics (Kim and
Elnashai, 2009). The seismic response of non-seismically and seismically designed buildings
with different ductility levels was investigated at both the global and local levels. Similar
conclusions to those detailed in the previous studies by (Mwafy, 2001, Mwafy and Elnashai,
2006) were obtained. It was found that considering the vertical component causes a variation
in column axial forces, leading to a strong decrease in the shear capacity of columns, of up to
nearly 25%. Thus, local failure was detected in several cases where structures were designed
for gravity loads only or for low seismic intensity. Also, no clear trend in variation in the
inter-storey ratios was observed. This ratio decreased by up to 50% in some cases and
increased by more than 50% in other cases.
An experimental investigation was conducted by Kim et al. utilising a hybrid
simulation (Kim et al., 2011b). Four RC bridge piers were tested under different loading
scenarios; for example, multi-axial excitation, only horizontal excitation and cyclic loading,
with different levels of axial load. The results showed that the vertical excitation, which
significantly altered the axial forces, could marginally affect the pier response and collapse
modes. Furthermore, the reduction of shear capacity, due to the contribution of vertical
motions was proven experimentally.
Another study concerned two key parameters affecting the inelastic response of RC
bridges, namely the effect of various H/V ratios and the influence of time intervals between
the arrivals of the horizontal and vertical peaks (Kim et al., 2011a). Comparisons were made
between two cases; with combined horizontal and vertical components, and with only
horizontal excitation. It was found that the effect of the V/H ratio is more significant than the
time lag between the peaks. Similar, to previously mentioned findings, experimental and
analytical results confirmed that accounting for a vertical component does not show a clear
trend toward either decreasing or increasing the inter-storey drift or the lateral displacement.
However, the vertical excitation marginally affects inelastic periods and causes a significant
decrease in shear capacity of the bridge piers. In addition, axial tension forces were observed
only when vertical excitation was considered. Thus, ignoring the vertical earthquake
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component may underestimate the shear demand, and significantly over-estimate shear
capacity.
Analytical results based on the ASI-Gauss technique for seismic collapse simulation
showed that the effect of vertical ground motions on the seismic collapse of a frame structure
cannot be neglected as it increases the deformations and may trigger progressive collapse. In
particularly, when the amplitude is significantly high (Katahira et al., 2008).
Most studies concerning the effects of vertical ground motions have focused on the
response of structures at limit states prior to the occurrence of collapse. However, the
majority of such studies predicting structural collapse have ignored the vertical component.
This is due to the fact that the method for applying an incremental dynamic analysis to assess
structural collapse is not able to account for the effect of vertical motions. Only side-sway
collapse modes can be directly simulated, because structural collapse is identified as the
intensity that results in excessive inter-storey drifts, dynamic instability (Vamvatsikos and
Cornell, 2002).
With regard to the simulation models used in incremental dynamic analysis, IDA, the
critical aspects of strength and stiffness deterioration should be captured as accurately as
possible. The lumped plasticity model is generally used for seismic performance assessment.
This model cannot explicitly consider the axial force-bending moment interaction. This is
because at each member end, the model utilises a nonlinear moment-rotation spring based on
predefined moment-curvature rules, developed for a constant level of the member’s axial
force, the level due to the gravity loads. The fiber-based model depends on the stress-strain
relationship of each material and can explicitly account for interactions between axial force
and bending moments, as well as representing the spread of plasticity along the member and
within the cross section. However, it is considered less accurate for simulating structural
collapse, because it is not fully validated to capture the strain softening due to the buckling
and fracture of the main reinforcements (Haselton et al., 2009).
Although simulation tools for predicting collapse should simulate all possible failure
modes, side-sway and vertical progressive collapse; directly incorporating shear failure or
flexure-shear failure in column is difficult (Elwood, 2004). Thus, most studies are based on
direct collapse simulations with emphasis on side-sway collapse adopting a conservative
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post-processing method for detecting non-simulated collapse modes, such as the shear and
axial failure modes of non-ductile RC columns (Liel et al., 2011, Aslani and Miranda, 2005).
The post-processing method ignores force redistributions and redundancy effects. Drift-based
fragility functions are used as component limit state functions to assess whether shear failure,
followed by the loss of the vertical-load carrying capacity, occurs in columns (Elwood, 2004,
Aslani and Miranda, 2005). Aslani and Miranda developed fragility functions for different
structural components in non-ductile RC structures based on experimental data (Aslani and
Miranda, 2005).
Axial failure in columns may trigger the progressive collapse of structures, especially
non-ductile RC frame structures. A study by Liel et al. was conducted on non-ductile RC
frame structures incorporating the vertical collapse limit state for assessing structural collapse
using a post-processing approach (Liel et al., 2011). The analytical results indicated that the
predicted median structural collapse capacity could be reduced by 2% to 30% when
compared to a study by (Liel and Deierlein, 2008) on the same structures considering the
side-sway collapse only without this check.

6.3 Characteristics of vertical ground motions
6.3.1 Frequency content
The vertical ground motion component is primarily related to the arrival of vertically
propagating P-waves; whereas, the horizontal component is mainly caused by S-waves
(Elnashai et al., 2005). Thus, the frequency content of both vertical and horizontal ground
motion components differs. The vertical component displays an early arriving high-frequency
content even if its energy content over all the frequency range is lower (Kim and Elnashai,
2008). This energy concentration can coincide with the vertical period of the RC buildings. It
can cause considerable dynamic amplifications in response of structures in a short period
range. The vertical period of conventional RC structures is generally less than 0.2 sec
(Mwafy, 2001).
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6.3.2 Time interval between the peak vertical and horizontal ground
motion
The peak of vertical ground motion acceleration sometimes occurs earlier than the peak of the
corresponding horizontal motion, while the time between vertical and horizontal peaks is
very small in other records. The relative phasing between peaks is related to the sourcedistance and the magnitude. The time interval is almost proportional to the source distance
and it is often assumed to be equal to zero for distances less than 5 Km (Collier and Elnashai,
2001). The earlier arrival of a high vertical acceleration can cause early shakedown of the
structure, while the structural members may be exposed to a high demand if the peaks of both
components are coincident (Kim and Elnashai, 2008).

6.3.3 Peak accelerations ratio (V/H)
Recent studies have shown that V/H ratios strongly depend on local soil conditions and on
the source to site distance, while other parameters, such as the earthquake magnitude and
faulting type are less important (Bozorgnia et al., 1999). Most design codes suggest scaling
the horizontal spectral shape by an average V/H ratio of 2/3. However, assuming the V/H
ratio equal to 2/3 is over conservative at far-field and seriously unconservative at near-source
(Ambraseys and Simpson, 1996, Elnashai et al., 2004). The response spectrum of vertical
motions of near-field differs from that in the far-field. A study by Elnashai showed that the
peak response at near-field of vertical motions at 2% damping occurs earlier, by almost 0.05
sec, than that at the far-field. It has also been indicated that the peak acceleration of the nearfield response spectrum is less by 0.17, as shown in Figure 6-1.
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Figure 6-1: Comparison of near and far-field average vertical response spectra (Elnashai et
al., 2004)
The peak amplification of the near-field average response spectrum with a damping
ratio of 2% is 3.48 and the corner periods are 0.05 and 0.15 sec, as proposed by (Elnashai and
Papazoglou, 1997) and recommended by (Elgamal and He, 2004). For alternative damping
ratios, Elnashai and Papazoglou suggested altering the design spectra using an amplification
correction factor without changing the corner periods (Elnashai and Papazoglou, 1997).
Figure 6-1 shows the average near and far-field vertical response spectra at a damping ratio
of 2% (Elnashai et al., 2004).

6.3.4 Ground motion duration
The duration of ground motions can affect nonlinear response, energy dissipation and the
potential damage to buildings, since it controls the amount of accumulated plastic
deformation. A number of studies have focused on defining the strong ground motion
duration and 30 definitions have been suggested. A summary of these definitions can be
found in a study by Bommer and Martines-Pereira (Bommer and Martinez-Pereira, 1999).
These definitions were divided into four groups: bracketed, uniform, significant and effective

durations. Bracketed durations, QZ , are defined as the intervals between the first and last
excursions beyond specified threshold amplitudes. Uniform durations, Q[ , are the sum of all
of the time intervals exceeding a particular threshold amplitude. Significant durations, Q@ ,
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are defined as the intervals over which a particular portion of the energy is dissipated. The
energy is determined by the integral of the square of the ground motion displacement,
velocity, or acceleration. The integral of the square of the acceleration is associated with the
Arias intensity, I4 , defined as in Equation 6-1 (Arias, 1970).
I4 A oz ` ao tdt
ç

´

Equation 6-1

at represents the acceleration time-history, g is the gravitational acceleration, and T is the

entire duration of the record.

Trifunac and Brady defined the significant duration as the time interval between 5%
and 95% of the total integral of the square of the acceleration, velocity or displacement
(Trifunac and Brady, 1975). The Husid diagram illustrates this significant duration and its
limit, since it represents the build up of I4 in time (Husid, 1969). The significant duration
based on this definition is denoted as D]^_] . Bracketed and significant durations are the

most widely used measures. Figure 6-2 shows an example of the bracketed and significant
durations of the Kocaeli earthquake, Sakarya record (Ansal, 2004).

Figure 6-2: Bracketed and significant duration of Kocaeli earthquake (Ansal, 2004)
163

Chapter 6

Assessment of RC frame structures considering vertical ground motions

(Kwon and Elnashai, 2006) altered the lower bound of significant duration and utilised

the total time elapsed as between 0.5% and 95% of I4 instead of D]^_] , to avoid subjecting

the structure to any unrealistic pulse if the acceleration of the ground motion starts at larger
values.

6.4 Approach of Eurocode 8
Vertical spectra have been derived from their horizontal counterparts in many seismic codes,
such as UBC 97 (UBC, 1997). The response spectral ratio of the vertical to the horizontal
ground motion components is often assumed to be in the range of 1/2 to 2/3 in the seismic
codes as suggested earlier by (Newmark and Hall, 1978). Hence, the frequency content will
be the same for both the vertical and horizontal components of motion, which is not
consistent with the observed characteristics of strong earthquakes. Furthermore, it has been
observed that the vertical component exceeded the horizontal component in the vicinity of the
causative fault during strong earthquakes (Collier and Elnashai, 2001, Ambraseys and
Simpson, 1996, Elnashai and Papazoglou, 1997).
Eurocode 8, EC8, deals with the vertical ground motion in a better way compared to
other seismic codes, since it suggests using a vertical response spectrum with a different
frequency content and magnitude from the horizontal response spectrum (EC8-1, 2004). The
EC8 vertical elastic response spectrum is shown in Figure 6-3. Two types of response vertical
spectra are recommended in this code as listed in Table 6-1.
Table 6-1: Parameters recommended for describing both types of vertical spectra

Using the spectrum of type 2 with V/H ratio of 0.45 is recommended if the surfacewave magnitude of the earthquake contributing most to the seismic hazard defined for the
site, for the purpose of probabilistic hazard assessment, is less than 5.5. The spectrum of type
1 with a V/H ratio of 0.9 is recommended for use in the other cases. The corner periods of
both vertical spectrum types are the same and unrelated to the corner periods for the
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corresponding horizontal spectrum. Thus, the corner periods reflect the observed
characteristics of vertical ground motion. The vertical elastic response spectrum is defined as
in Equations 6-2 to 6-5 (EC8-1, 2004):
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Equation 6-5

?  is the elastic vertical response spectrum, T is the vibration period of a linear single
degree of freedom system,  is the design vertical ground acceleration for the reference

return period,  and Í are the lower and upper limits of the constant spectral acceleration

branch, # is the value defining the beginning of the constant range of the displacement
response of the spectrum, ' is viscous damping ratio of the structure, and " is the damping
correction factor, " A ]( ¥ 0.55.
`

Figure 6-3: Vertical response spectrum of EC8 (EC8-1, 2004)
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EC8 recommends considering the effect of the vertical components only when
designing certain structures, such as base-isolated structures, pre-stressed components, long
cantilevers, beams with spans over 20 m and beam supported planted columns, but no
considerations are adopted for sites in the near-field of strong ground motions.

6.5 Selection of reference structures
This study focuses on an investigation for collapse process of the two six-storey RC frames:
the BF1 and DCF frames. Validation of the AEM models of the 1/5.5 scale models of both
frames were performed in Chapter 4, where good agreement between the analytical and the
experimental results was observed. The full-scale models for both frames were developed
using ELS software. The dimensions and reinforcement details of both structures were given
in Chapter 4, however the reinforcement details slightly differ from the structures, given in
Tables 4-5 and 4-6. The same amount of reinforcement is used along the entire member,
resulting in stronger columns and beams at the first and second storeys. The intention of this
modification was to delay the formation of the first-storey mechanism and to improve
structural performance. The material properties, given in Table 4-9, are used in the analytical
models. The slab contribution to both the strength and stiffness of the beams is taken into
account. The effective flange width is modelled by adding a 452 mm flange to each side of
the beams.
The AEM models that represent both of these six-storey RC frames are similar to those
discussed in Chapter 4. The AEM models are subjected to a set of fourteen scaled ground
motion records with and without their corresponding vertical components. These threedimensional records are scaled to five different ground motion intensity levels. The AEM
models are then subjected to each of these scaled sets of ground motion records and the
effects of the inclusion of vertical ground motions investigated at various levels of seismic
intensity.
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6.6 Ground motion record selection and scaling
6.6.1 Introduction
Three types of seismic input can be utilised in dynamic analysis, namely artificial, synthetic
accelerograms or real records.
Using artificial accelerograms compatible with the EC8 spectrum is not recommended
in seismic assessment for two reasons. Firstly, they often have an excessive number of cycles
in motion with large amplitude and different phasing from the real records. Thus, they may
possess an insufficient or unrealistically high energy-content in the frequency range of
interest (Buratti et al., 2007). In addition, artificial accelerograms are generated by matching
the entire elastic design spectrum, while the elastic design spectrum, which is often a uniform
hazard spectrum, is obtained by enveloping the ground motion spectra from a large number
of seismic sources. It is not possible to match the entire spectrum to a single accelerogram
(Buratti et al., 2007). A study by Carballo and Cornell found that utilising compatible
accelerograms could result in an unconservative estimate of the nonlinear demands (Carballo
and Cornell, 2000).
Appropriate synthetic accelerograms via modelling the seismological source and taking
into account the effects of site and path are difficult to obtain. This is because many input
parameters are required to define a specific earthquake scenario; for example, geological
conditions, the location and characteristics of the site, source, and path, in addition to the
magnitude and rupture mechanism (Bommer et al., 2003).
Moreover, manipulating real records to be perfectly compatible with a target spectrum
via modification functions in the time or frequency domain can yield unconservative
estimations of the seismic demands (Carballo and Cornell, 2000, Bazzurro and Cornell,
1999). Therefore, real records will be utilised in the following analyses to avoid any biased
estimation of seismic assessment.
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6.6.2 Selection and scaling ground motion records
Selection and scaling ground motions for nonlinear dynamic analysis are crucial, since this
type of analysis is highly sensitive to ground motion input (Kwon and Elnashai, 2006). The
method for selection and scaling ground motion depends on the purpose of the nonlinear
dynamic analysis, as well as the structural system. There are many possible methods for
selecting and scaling records. A summary of these approaches can be found in (Haselton,
2009). Scaling ground motion methods are reviewed in Chapter 7. In this study, relatively
simple methods for selecting and scaling real records will be adopted. This is because the aim
of this study is to investigate the effect of the inclusion of vertical ground motions on collapse
capacity, rather than determining the probability of structural collapse.
With regard to the code procedures for record selection, Eurocode 8 requires that a set
of records be chosen in which the average of the 5% damping elastic spectrum of these
records exceeds 90% of the corresponding value of the EC8 5%-damped elastic spectrum
over a broad range of periods between 0.2T and 2T. T is the first-mode period of the

structure in the same direction as that of the applied record. The limits to this range accounts
for both the contribution of higher modes, as well as the period of elongation, as the structure
experiences damage.
With regard to the number of records required, Eurocode 8 allows the use of at least
three records if the maximum response is of interest, whereas not less than seven records
should be utilised in order to consider the average structural response.
It is worth noting that the code approach for selecting spectrum compatible records is

not recommended for use in collapse assessments, since the probability of exceeding a range
of spectral values is unknown, and utilising this method is expected to over-estimate the
structure’s response (Haselton, 2009).
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6.6.2.1 Selecting ground motion records
6.6.2.1.1 REXEL 2.31 beta software
Recently, databanks of real records and appropriate tools for selecting record sets satisfying
the EC8 provisions and the new Italian Building Code requirements have become available.
REXEL 2.31 beta software (Iervolino et al., 2010, Iervolino et al., 2009, Iervolino and
Galasso, 2009) is freely available on the website of the Italian network of earthquake
engineering laboratories (http://www.reluis.it/index_eng.html). This software can be used for
selecting real records that are compatible on average with a target spectrum derived from the
European Strong-Motion Database (Ambraseys et al., 2002) based on epicentral distance, R,
and

moment

magnitude

criteria,

M.

These

records

are

available

at

http://www.isesd.cv.ic.ac.uk.
A set of un-scaled natural records compatible in the average with EC8 elastic response
spectra, (Type 1, with an anchoring value of 0.3 g and ground type A), is selected using the
REXEL 2.31 beta software. Selecting a set of scaled real records instead of un-scaled records
yields smaller individual variability (Iervolino et al., 2010). This is because the individual
record selected within the set closely matches the non-dimensional reference spectra.
However, amplitude scaling in the time domain may result in large scaling factors (Iervolino
et al., 2010). Furthermore, different scaling factors for the records, representing the three
components of ground motion are employed. Real records scaled using the REXEL 2.31 are
avoided in this study, because using a set of such scaled records is inconsistent with the
scaling approach adopted in this study. The same scale factor for the components acting
simultaneously will be utilised.
Two additional parameters are considered when selecting the combination of the unscaled records in the REXEL 2.31 beta software, in order to reduce the average and
individual spectra variability with regard to the target code spectrum. These parameters are

the average spectra deviation, , and the maximum deviation in a single record within a set in

regard to the code spectrum, fg . The definition of these additional constraints can be found
in (Iervolino et al., 2008, Iervolino et al., 2006a).
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6.6.2.1.2 Characteristics of selected ground motion records
Ground motion records with different V/H ratios are obtained from the European Strongmotion Database (ESD). The ground motion records are selected from relatively large
magnitude earthquakes (Mw ≥ 6), with source distance greater than 5 Km, in order to avoid
directivity effects. All these ground motions are for similar soil conditions (soil type A). In
the selected record set, no more than two records from a single earthquake event are selected
to minimise the correlation because of event commonality (Iervolino and Cornell, 2005). A
set of seven records is selected. The minimum set size for considering the mean response.
Each record of ground motion has three components.
The average of fourteen records, two horizontal components recorded at the same
station, has to match the horizontal target spectrum. The horizontal component of the
reference spectrum has to be closely matched in the period range between 0.1 and 1.5 sec.
This period range is consistent with structures that have their horizontal fundamental period
in the range of 0.5 to 0.75 sec. The horizontal fundamental vibration period of the AEM
models of the reference frames are 0.53 and 0.56 sec, respectively. The lower and upper
limits for the underestimation and overestimation of the horizontal EC8 spectrum are set to
10%, as recommended by EC8, and 30%, respectively. EC8 does not provide any indication
for the upper bound tolerance in spectral matching. However, in order to reduce the spectrum
of overestimation, the upper limit is set to 30%.
The ratio of the horizontal to vertical fundamental periods of RC frame structures with
a number of storeys varying between 1 and 8 is in the range of 2.5 to 7 (Papazoglou and
Elnashai, 1996). The upper limit of the vertical period of RC buildings is 0.2 sec, based on a
study by (Mwafy, 2001). The vertical period of both structures, calculated from a relatively
simple equation proposed by (Elnashai and Papazoglou, 1997), is about 0.1 sec. Thus, the
range of vertical periods is set to a range of 0.01 to 0.5 sec. By adopting the aforementioned
tolerance limits to select the corresponding vertical components, no set of records with
horizontal and vertical components was found that is compatible with both the horizontal and
vertical EC8 spectrum within the allowable tolerances. To solve this problem, a decision was
made to obtain a set of records for which only their horizontal components are compatible on
average with the horizontal component of the EC8 response spectrum. This was achieved by
setting different tolerances for the vertical components. A tolerance value of 40% is used for
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both the lower and upper limits of the vertical components in the period range of 0.01 to 0.5
sec. The lower bound tolerance is higher than the 10% specified by EC8, and thus does not
satisfy the code requirement, but the minimum tolerance limit can be used.
A set of seven records with three components, where only the horizontal components
match on average the code horizontal spectrum, has been selected. Tables 6-2 and 6-3 list the
data for the three components of the selected combination, as given by REXEL. Figure 6-4
Figure 6-5 show the elastic 5%-damped response spectra of the horizontal and vertical
components of the seven selected records, respectively.
Table 6-2: Record data obtained from REXEL
Record

Earthquake

Station

Earthquake

Fault

R

ID

ID

ID

Name

Mechanism

[km]

000055

34

ST20

6.5

thrust

23

000182

87

16/09/1978

7.3

oblique

12

000198

Montenegro

15/04/1979

6.9

thrust

21

ST575

Izmit

17/08/1999

7.6

strike slip

9

1635

ST2486

South Iceland

17/06/2000

6.5

strike slip

5

007142

2309

ST539

Bingol

01/05/2003

6.3

strike slip

14

006349

2142

ST2558

South Iceland

21/06/2000

6.4

strike slip

5

Date

Mw

Friuli

06/05/1976

ST54

Tabas

93

ST64

001231

472

004674
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Table 6-3: Record data obtained from REXEL
Record

PGA_X

PGA_Y

PGA_Z

PGV_X

PGV_Y

PGV_Z

Site

ID

[m/s^2]

[m/s^2]

[m/s^2]

[m/s]

[m/s]

[m/s]

class

000055

3.4985

3.0968

2.6227

0.2061

0.3262

0.1048

A

000182

3.316

3.7789

1.7085

0.1768

0.2457

0.1078

A

000198

1.7743

2.1985

2.0758

0.1705

0.2591

0.1169

A

001231

1.5764

2.1922

1.3923

0.1901

0.2664

0.1095

A

004674

3.1176

3.3109

2.6815

0.6122

0.2377

0.1432

A

007142

5.0514

2.9178

4.427

0.336

0.2097

0.1324

A

006349

7.2947

8.218

4.1405

0.4557

0.9202

0.2385

A

Figure 6-4: Elastic response spectra of un-scaled horizontal components matching on average
the EC8 response spectrum
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Figure 6-5: Elastic response spectra of un-scaled vertical components corresponding to the
horizontal components
6.6.2.1.3 Ground motion duration
This study involves a large number of simulations, which are time consuming. Therefore,
instead of employing the total duration of ground motions in these analyses, the duration of
ground motions was reduced based on the definition of ground motion durations.
Since the selected records will be used for studying the effect of vertical components on
the collapse process, the definition of the ground motion duration, which relates to its
destructive potential and accumulated energy, will be employed. Therefore, the significant
duration measure, D`.]^_], is utilised for defining the duration of ground motion records.

The Seismosignal software (SeismoSoft, 2011) is used to calculate the significant

duration of the selected set based on D`.]^_]. Table 6-4 lists the significant duration, the

time of the strong shaking phase of each of the three components of the seven ground motion
records. The significant duration of each record is altered slightly in order to avoid changing

the time interval between the peaks of vertical and horizontal ground motions. Thus, the same
significant duration and start times are used for all the three components of each record.
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It was found that the duration of both 000182 and 001231 records is 38 sec, because
there is more than one arrival of high amplitude. For example, in the 000182xa_record, there
were a second and a third arrival point at around 26 and 36 sec, as shown in Figure 6-6. On
the other hand, the durations of the other records ranged between 8 and 15 sec. Both records
with a longer duration are expected to be more destructive. Figure 6-6 shows
000055xa_record and 000182xa_record accelerograms and their corresponding Husid plots,

A c c e le r a tio n [m /s e c 2 ]

A c c e le ra tio n [m /s e c 2 ]

in which the significant duration is represented by a solid blue line.
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Figure 6-6: Accelerograms of 000055xa and 000182xa records and their corresponding Husid
plots
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Table 6-4: Significant duration and time at the start of the strong motion phase of the ground
motion records
Total
Record ID

Component

Duration,
sec

x
000055

000182

000198

001231

004674

006349

007142

The
start
time,

The significant
duration, sec

sec
1.26

6.54

3.05

6.09

z

0.65

6.33

x

0.87

34.33

1.65

35.25

z

1.05

28.6

x

2

12.84

2.14

12.71

z

1.64

11.74

x

1.2

35.67

1.71

35.58

z

064

34.66

x

11.89

5.02

11.64

5.59

z

11.22

5.59

x

11.4

5.85

11.34

4.25

z

11

5

x

21.27

5.86

21.17

8

20.29

6.95

y

y

y

y

y

y

y
z

35.41

39.96

40.37

51.94

76.78

55.99

64.71
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The adopted

start

significant

time,
sec

duration, sec

0

10

0

38

0

15

0

38

10

8

10
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20
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6.6.2.1.4 Ground motion scaling
The response of the reference structures will be studied for a given magnitude and distance
from the source. In addition, the spectral acceleration at the structure’s fundamental period
will be used as an intensity measure. The EC8 states that only the average spectra for all
records should match the design spectrum, however, the selected records will be scaled in
order to check that their individual spectra approximate the design response spectrum; in
particular, the elastic spectral acceleration response at the period of the first-mode of the
structure. A slight adjustment may be needed following these procedures to ensure that the
average spectrum does not underestimate the design spectrum.
Following the selection of a set of seven records, amplitude scaling of the selected
ground motion records was adopted by multiplying all the values of the record acceleration
by a scaling factor. The geometric mean of the spectral acceleration for both horizontal

components of the record at the fundamental period of the structure,   , 5%, was used as

the intensity measure, in order to avoid using inconsistent intensity measures. Seismologists
generally use the geometric mean of both components in computing the ground motion
prediction equations (Baker and Cornell, 2006c). Therefore, the scale factor utilised for each

record was set as equal to the ratio between the elastic spectral acceleration of the EC8
spectrum and the geometric mean value of   , 5% of the both horizontal components of

each unscaled record. Figure 6-7 shows the mean spectra of the both horizontal components
of each record, which is scaled at   , 5%. Figure 6-8 depicts the mean horizontal

spectrum of these scaled records, together with the EC8 spectrum and the corresponding
upper and lower tolerances.
For each record, the scale factor used for the horizontal components of the record was
employed for normalising its vertical component, in order to avoid changing the ratio of the
vertical to horizontal peak accelerations (Mwafy and Elnashai, 2006). Table 6-5 lists the ratio
of vertical to horizontal peak accelerations within the selected set and the scaling factor of
each earthquake record. As can be noted from Table 6-5, the values of the scaling factor
varied between 0.554 and 1.336.
Each horizontal component of the selected and scaled records in the previous section is
treated as an independent record so considering the two horizontal components of the record
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set yields fourteen records. Figures 6-8 and 6-10 depict the horizontal and vertical spectra of
the scaled records with their corresponding mean spectrum. Figure 6-11 shows the

accelerograms of the three components of each record following scaling to  0.53 y
0.56, 5%

5.5d/ÇÙ o .

Table 6-5: Ratio of the vertical to horizontal peak accelerations and corresponding scaling
factors

Record ID

PGA_Z / PGA_X

PGA_Z / PGA_Y

Scaling factor

000055

0.75

0.85

0.753

000182

0.52

0.45

0.939

000198

1.17

0.94

1.017

001231

0.88

0.64

1.336

004674

0.86

0.81

1.081

007142

0.88

1.52

0.554

006349

0.57

0.50

0.967
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Figure 6-7: Mean spectra of both horizontal components of each scaled record together with
the mean of the total fourteen horizontal records

Figure 6-8: Horizontal spectrum of the scaled records together with their corresponding mean
spectrum
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Figure 6-9: Mean horizontal spectrum of the scaled records together with the EC8 spectrum
and the corresponding upper and lower tolerances

Figure 6-10: Vertical spectrum of the scaled records together with their corresponding mean
spectrum
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Figure 6-11: Accelerograms of the three components of each record
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6.7 Defining the collapse limit state
Collapse occurs when the structural system, or a part of it, cannot sustain the gravity loads
under seismic loading. Local or global failure may occur. The collapse limit state is identified
in this work as following:
1. Partial collapse of the structure is defined by the failure and collapse of at least two
RC columns at the same floor. This collapse limit state is associated with developing
a storey mechanism, such as a soft storey mechanism or a vertical collapse mode,
which can result from shear failure of both of the internal columns of a single storey.
2. Complete collapse of the structure is described by the collapse of the entire first
storey columns or the collapse of most of the structural members.
Probability of collapse at a given intensity measure level, IM, is determined according
to the ratio of the number of records, in which the pre-defined limit state (the collapse limit
state) is reached, to the total number of records scaled to that given intensity level.

6.8 Determination of seismic intensity levels
The effects of vertical ground motions on structural collapse response are estimated at five
and six different intensity levels for the DCF and BF1 frames, respectively. These values are
selected as follows:
1. The spectral intensity level corresponding to the collapse resistance, the intensity
level where 50% of the horizontal records excluding the effect of the vertical
component induced the structure to collapse.
2. Two spectral intensity levels smaller than that associated with the collapse
resistance. These two intensity levels correspond approximately to a 15% and to a
40% probability of collapse.
3. Two or three spectral intensity levels higher than that related to the mean collapse
probability. These intensity levels should correspond to values of collapse with a
probability less than 80%.
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The intention of selecting lower and higher spectral intensity levels than the collapse
resistance is to study the effect of the vertical component on the collapse response, as
governed by different loading scenarios. In addition, having knowledge about the intensity
levels corresponding to different collapse probabilities can be effective when checking the
effect of the inclusion of the vertical components on the median collapse capacity. For
example, if there is a significant increase in the collapse probability for a small change in the
intensity level, then the effect of considering a vertical ground motion is expected to be large
and vice versa. The collapse probability of the DCF and BF1 frames is assessed with and
without inclusion of vertical ground motions at these pre-defined intensity levels. The
collapse response of the BF1 frame is investigated under six, instead of five, intensity levels
in order to check the trend toward the effect of vertical ground component on the collapse
probability and increase the confidence in the analytical results.

6.9 Evaluation of the collapse capacity of the selected frames
6.9.1 Introduction
The collapse resistance represents the spectral intensity level, which causes the collapse of a
structure for 50% of the seismic records (Liel and Tuwair, 2010). Instead of using the
incremental dynamic analysis technique (Vamvatsikos and Cornell, 2002), which is
computationally intensive, a practical approach developed by Liel and Tuwair for assessing
the structural resistance to seismic collapse will be used (Liel and Tuwair, 2010). It should
be mentioned that preliminary estimated value and step size do not affect the accuracy of this
method. However, the computational efficiency of the approach is affected by the step size
used, and a small step size may marginally increase the analysis time (Liel and Tuwair,
2010).
Furthermore, in order to reduce the number of records to run in each analysis which is
computationally expensive, a similar assumption to (Liel and Tuwair, 2010) is made and the
list of ground motion records to run is updated following each analysis. It is assumed that if a

record results in structural collapse at Ô A ), it will cause collapse at all higher spectral

values Ô * ), and if a record does not result in structural collapse at Ô A ), it will not lead

to collapse at lower spectral values Ô + ). Following determination of the collapse capacity
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utilising this approach, this assumption is checked by running the analysis using the total
number of ground motion records at the spectral intensity corresponding to the median
collapse capacity. Sometimes a ground motion record can lead to the structural collapse at a

spectral intensity Ô A ) , but may not cause collapse at higher intensities. This record is

known as a resurrecting record. This could be due to the possibility of developing different

failure modes. This step is important because more than three different collapse modes can
take place in both the selected frames at different intensity levels.

6.9.2 Evaluation of the collapse capacity of the DCF frame
The initial estimate for the ground motion intensity measure, s T A 0.56 sec, is set as

equal to 1.68 g, three times the spectral acceleration of the design earthquake. This value is
adopted, based on the results of aforementioned studies by (Lu, 1996, Lu, 2002, Lu et al.,

1999), in which the base shear over strength factor and displacement ductility demands were
found to be approximately in the range of 3 to 4. It is worth noting that the strength of both
frames in this study was increased due to the modification of reinforcement details, as
mentioned earlier. Then, the ground motion records scaled to this value, the computed

collapse probability, PMcollapse/s A 1.68 gN, is equal to 14.2%. The collapse resistance is
higher than s A 1.68 g. Since the collapse probability is significantly lower than 50%, a

new estimate for the collapse capacity is selected. A value of 2.24 g for spectral acceleration
at the fundamental period of the structure is adopted. The collapse probability at the revised

estimate was 43%, PMcollapse/so A 2.24 gN A  A 43%. All the horizontal ground motion
í

records are utilised in the first two analyses. A step size of 0.42 g is used for the next run.

Only 8 ground motion records, which have not caused collapse at the previous intensity
levels, are scaled to s A 2.66 g and utilised in the analysis. The collapse probability is

found to be 71%, PMcollapse/s A 2.66 gN A

í



A 71%. At this point, it is clear that the

structural collapse resistance should be in a range between so and s . Therefore, a spectral

intensity value near to the mean of these two spectral intensity levels, s A 2.47 g, is
selected. The ground motion list to run is updated and only four ground motion records are

scaled to this intensity level. It was found that more than 50% of the records caused collapse
and PMcollapse/s N A

ío


A 57%. The collapse probability at s is still larger than 50%,

so the spectral intensity value is reduced to a smaller value and set as equal to 2.38 g.
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Subsequently, the number of records to run is reduced to two. At s] A 2.38 g, the
probability of collapse is equal to PMcollapse/s] N A 57%. This process is then repeated. The

two following analyses, which correspond to sí A 2.32 g and sa A 2.34 g, are run with
only two records, namely 001231ya and 00198ya. The collapse probability at the intensity

level of 2.32 g is similar to that corresponding to so . This generates the results that the

probability of collapse at an intensity level of 2.34 g is equal to 50%. The collapse resistance,

the lowest spectral intensity level at which 50% of the records cause structural collapse, is
equal to 2.33 g. At this intensity level, corresponding to the collapse resistance, the analysis is
run with the entire horizontal ground motion records, 14 records, in order to ensure that there
is no resurrecting record.
The time required to obtain the median collapse of DCF frame was around 200 hours
with 60 runs. Figure 6-13 shows the process used for determining collapse resistance. Figure
6-12 depicts the lower spectral intensity level that causes structural collapse for each record.

Figure 6-12: Lower spectral intensity level that causes the structural collapse for each record
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Figure 6-13: Process used for determining the structural collapse resistance of the DCF frame

6.9.3 Evaluation of the collapse capacity of the frame BF1
The collapse resistance for the BF1 frame is determined in a way that is similar to the
collapse resistance of the DCF frame with an initial intensity estimate, s T A 0.53 sec,

equal to 2.24 g, four times the spectral acceleration of the design earthquake. The process
used for determining collapse resistance is shown in Figure 6-14. As can be seen, the collapse
resistance of this frame is 2.07 g. The collapse resistance of the DCF frame is approximately
1.125 times greater than the mean collapse of the BF1 frame.
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Figure 6-14: Process used for determining the structural collapse resistance of the BF1 frame

6.10 Effects of the vertical ground motion on the collapse
response of the DCF and BF1 frames
The two prototype structures selected, the DCF and BF1 frames, were subjected to combined
vertical and horizontal ground motions and only to horizontal components at five and six
ground motion intensity levels, respectively. The collapse response of the DCF frame was
investigated at five intensity levels, namely 1.682, 2, 2.324, 2.663 and 2.812 g. The collapse
response of the BF1 frame was investigated at six different levels of seismic intensity,
namely 1.682, 1.692, 2.032, 2.075, 2.243 and 2.523 g.
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Effect of vertical ground motions on the structural collapse
probability of the DCF and BF1 frames

The results at various intensities are listed in Table 6-6 and Table 6-7 with and without the
effect of the vertical ground motion component, where H represents the case where only the
horizontal component is applied and H+V represents the case utilising the vertical and
horizontal components together. The computed collapse probability is compared in these
Tables. It is clear that the effect of the vertical component on collapse probability depends on
the geometric irregularities of the structural systems and on the characteristics of the
combined components. Figures 6-15 and 6-16 show the effect of vertical ground motions on
structural collapse probability. The effect of the vertical component on the collapse
probability varies according to the intensity level and the structural system.
The results indicate that the collapse probability of the irregular frame, the DCF frame,
increased by up to 21.5% due to the inclusion of vertical ground motions, except for the
intensity level of 1.682 g. The percentage of increase is not constant but varies according to
the intensity level. It is worth noting that the failure modes observed confirm the significant
effect of vertical ground motions.
Conversely, considering the effect of vertical excitation on the collapse response of the
BF1 frame shows a different trend when compared to that of the DCF frame. The effect of the
vertical component varies according to the seismic intensity levels. Considering vertical
ground motions surprisingly causes a significant reduction in the collapse probability of the
BF1 frame at intensity levels that are higher than the collapse resistance. However, the
collapse resistance does not change when vertical motions are taken into account. While an
increase in the collapse probability of up to 21.43% is observed at the lowest intensity levels.
These differences in the collapse response under combined ground motions could be justified
by the significant change in the potential of collapse in a small intensity level range, as
depicted in Figure 6-14, illustrating that the intensity levels corresponding to collapse
probability of 35.7% and 57.14% are 1.962 and 2.1 g, respectively. The collapse potential for
the BF1 frame was raised by 21.44% due to a 0.14 g increase in the intensity level, indicating
that a small change in the intensity level causes a marginal change in the collapse probability
of the BF1 frame. Thus, in this range of intensity, the structure is expected to be very
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sensitive to any variation in the loading scenario. It can be inferred that the contribution of
vertical ground motions could dramatically alter the collapse potential if the structure were
very sensitive to the seismic intensity level.
The irregular frame, the DCF frame, with a discontinuous column at the first storey was
more sensitive to the inclusion of vertical motion than the regular frame, BF1, although the
collapse resistance of the DCF frame was higher. Although both frames were adequately
designed according to EC8 and satisfied the shear capacity design rules, the effect of vertical
ground motions on the shear strength of the columns in both these frames was considerable.
Regarding BF1, shear failure was avoided and flexural-shear or flexural failure was
developed in this frame. The increase in vertical seismic forces resulted in variations in the
axial forces in the columns and an increase in shear demand. Despite the reduction in shear
strength as a result of vertical ground motions, the capacity design rules helped to spread the
damage among a larger number of columns in a number of storeys, leading to a delay in the
development of the side-sway mechanism or sometimes preventing it, especially at higher
intensity levels. In terms of the collapse response of the DCF frame, the missing column was
often the main cause of structural collapse. It controlled the failure modes, leading to vertical
rather than side-sway collapse in most cases. The collapse mechanisms for both frames will
be discussed in more detail in section 6.10.2.
It can be concluded that ignoring the vertical components in a seismic collapse
assessment may either lead to an underestimation or an overestimation of the collapse
probability, depending on the structure’s configuration and the seismic intensity level.
Neglecting the contribution of vertical ground motions to irregular RC frame structures,
especially those susceptible to shear failure, could lead to unsafe predictions. These results
are generally consistent with previously mentioned studies. The differences are due to the fact
that previously mentioned studies have often employed collapse criteria that relate to the
global response and have assessed the effect of vertical motions at lower levels of
deformation; while this study has adopted collapse criteria at the element level and focused
on the collapse limit state. In addition, most previous studies have confirmed that the shear
capacity of RC columns or piers often deteriorates due to the inclusion of the vertical
component, so that when column shear failure is considered in assessment studies, the
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contribution of the vertical component will then be apparent (Mwafy, 2001, Mwafy and
Elnashai, 2006).
The analytical results of this study indicate that the effect of vertical motions on the
displacements and inter-storey drifts prior to collapse show no clear trend. The total number
of collapsed cases for each record at the pre-defined intensity levels for both frames with and
without the vertical component is illustrated in Figure 6-18.
As can be seen in Figures 6-15 and 6-16, the effect of the vertical component often
increases as the intensity level increases, due to P-Delta effects, even though the ratio of
vertical to horizontal components is the same. The reason for this could be that the effect of
the vertical component strongly depends on both the intensity of the vertical excitation and
the V/H rather than on the ratio of the vertical to horizontal components only. In addition, the
effect of combined components on the overall performance of a structure varies according to
the intensity level and dynamic characteristics of the structure, which is also affected by the
ground motion characteristics. The damage level and the spread of cracking increase at higher
intensity levels. Therefore, the horizontal and vertical vibration periods of a structure can
increase, leading to a different response depending on the shape of the response spectra of
each record. For example, the vertical component of 007142ya-record, 007142za-record with
V/H=1.52, has the strongest impact on the response of the DCF frame, followed by the
vertical component of 001231ya-record, 001231za-record with V/H=0.64. The 007142zarecord does not have any impact on the collapse probability of the BF1 frame, while the
contribution of the vertical component of 00182ya-record with V/H=0.45 is most significant
for the BF1 frame. Although the V/H of the 00198xa-record is 1.17, no effects have been
observed on the collapse probability of the DCF frame, due to the inclusion of this
component. Furthermore, the characteristics of the horizontal and vertical components have a
considerable impact on the structure’s response. A different trend in the collapse response of
the studied frames is observed for each record. Also, the contribution of vertical ground
motions on the collapse response of the two frames is completely different. These findings
are consistent with the conclusions of other studies (Mwafy, 2001, Mwafy and Elnashai,
2006), which found that considering the effect of vertical motions is more significant at
higher intensity levels than that at lower intensity levels, due to P-Delta effects.
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Figure 6-15: Structural collapse probability for the DCF frame

Figure 6-16: Structural collapse probability for the BF1 frame
The most demanding horizontal records are 001231xa and 004674xa for both frames, as
they cause the structure to collapse at almost all intensity levels, see Tables 6-10 and 6-11.
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The least demanding records are 000055xa, 000055ya and 006349xa. The effect of
accounting for a vertical component is insignificant for some records. For example, 000055xa
with V/H =0.75, 000055ya with V/H =0.85, 007142xa with V/H =0.88 and 004674xa with
V/H =0.86 have minimal effect on the collapse response of both structures. While a
considerable effect is observed for other records.
With regard to the DCF frame, 007142ya with V/H =1.52 is the most demanding record
when it is utilised with its corresponding vertical component. These combined components
trigger the vertical collapse of the DCF frame in most cases, where the collapse mechanism is
dominated by the planted column, while no collapse case is observed when this frame is
subjected to only the horizontal component of the record.
Regarding the BF1 frame, the combined vertical and horizontal components of
000182ya record with V/H =0.45 are the most demanding records. These cause the structure
to collapse in five cases, compared to three cases when utilising only the horizontal
component. On the other hand, utilising the 001231ya record plus its vertical component
prevents the failure of the BF1 frame in three cases, compared to the cases where only a
horizontal record is employed, as shown in Table 6-7. This could be due to the dissipation of
the energy throughout a larger number of structural members because of variations in their
axial forces.
The record-to-record variability is clear. A different collapse response is often detected
for the seven records. Some unexpected cases are found; for example, the 006349ya record
does not cause the DCF frame to collapse at the highest intensity level, even though it results
in the collapse of this frame at all lower intensity levels. At an intensity level of 2.8 g, a first
storey mechanism almost develops at 3 sec, as shown in Figure 6-17, but the following two
strong shakings in the opposite direction help to return the frame to a stable position, leading
to prevention of the side-sway collapse. This frame is severely damaged and on the verge of
collapse.
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Figure 6-17: Lateral displacement of the first storey of the DCF frame under the 006349ya
record
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Table 6-6: Effect of the vertical component on the collapse probability of the DCF frame
Record

Intensity level

name

Case

1.682 g

2g

2.324 g

2.663 g

2.8 g

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

H

Collapse

Collapse

Collapse

H+V

Collapse

Collapse

Collapse

H
000055ya
H+V
H
000055xa
H+V
H
007142ya

Partial

H+V

collapse

H

Collapse

007142xa

Partial

DCF

H+V

collapse

000198ya

H

Collapse

Collapse

Collapse

Collapse

H+V

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

000198xa

H
004674ya
H+V
H

Collapse

Collapse

Collapse

Collapse

Collapse

H+V

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

004674xa

006349ya

H
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H+V

Collapse

Collapse

Collapse

Collapse

H

Collapse

Collapse

Collapse

Collapse

H+V

Collapse

Collapse

Collapse

Collapse

H
006349xa
H+V

000182ya

H

Collapse

H+V

Collapse

000182xa

H

Collapse

Collapse

001231ya
H+V
H

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

001231xa
H+V
Collapse

H

14.29

42.86

50.00

64.29

64.29

H+V

7.14

57.14

71.43

71.43

78.57

probability
%
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Table 6-7: Effect of the vertical component on the collapse probability of the BF1 frame
Intensity
Record

level

name

1.682 g

1.962 g

2.033 g

2.075 g

2.243 g

2.523 g

Case
H

Collapse

000055ya
H+V

Collapse

H
000055xa
H+V
H
007142ya
H+V
H

Collapse

Collapse

Collapse

Collapse

Collapse

H+V

Collapse

Collapse

Collapse

Collapse

Collapse

H

Collapse

Collapse

Collapse

Collapse

Collapse

H+V

Collapse

Collapse

Collapse

BF1

007142xa

000198ya

H

Collapse

Collapse
Collapse

Collapse

000198xa
H+V

Collapse

Collapse

H

Collapse

004674ya
H+V

Collapse

H

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

004674xa
H+V
006349ya

Collapse

H
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H+V

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

H
006349xa
H+V
H
000182ya
H+V

Collapse

Collapse

H

Collapse

000182xa
H+V
H

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

001231ya
H+V

Collapse

H

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

H+V

Collapse

Collapse

Collapse

Collapse

Collapse

Collapse

H

14.29

35.71

50.00

57.14

57.14

78.57

H+V

21.43

57.14

50.00

50.00

35.71

64.29

001231xa

Collapse
probability
%

196

Chapter 6

6.10.1.1

Assessment of RC frame structures considering vertical ground motions

Results at the collapse resistance of the DCF and BF1 frames

The collapse probabilities of the DCF frame at the intensity level of 2.324 g with and without
a vertical ground motion component are approximately 71% and 50%, respectively. Ten

ground motion records resulted in structural collapse for the former case, while only seven
records led to collapse in the latter case. It is clear that the inclusion of a vertical component
increases the probability of structural collapse by 21%. Table 6-6 illustrates which ground
motion records caused the structural collapse in the two cases, with and without the inclusion
of a vertical ground motion component.
It is interesting to note that inclusion of vertical components of 007142ya, 001231ya
and 004674ya cause the structure to collapse at a lower intensity. This could be due to the
fact that the spectral values of the 007142za and 004674za records in the range of the vertical
period of the structure are the highest among all the records in the selected list, as shown in
Figure 6-10. Thus, the effect of the vertical component of these records is more noticeable.
The combinations of 007142za and 004674za records with their corresponding horizontal
records, 007142xa, 007142ya, 004674xa and 004674ya records cause structural collapse in
all four cases. The V/H ratios for these records vary between 0.81 and 1.52. Thus, it is clear
that the contribution of the vertical component does not depend only on the V/H ratio, but
also on spectral acceleration at the horizontal and vertical periods of the structure, the
characteristics of the structure and of the vertical and horizontal components of the record
utilised.
With regard to the BF1 frame, the collapse resistance was not affected by the inclusion
of the vertical ground motion component. The same number of records caused the structural
collapse of this frame in both the cases with and without the vertical component. The collapse
mechanism with and without the inclusion of a vertical ground motion component will be
discussed in more detail in the following section.
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Figure 6-18: Number of collapsed records for the DCF and BF1 frames
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Effect of vertical ground motions on the structural collapse
modes of the DCF and BF1 frame

The collapse simulation based on the AEM allows for both side-sway and vertical collapse
modes. Vertical collapse can occur due to axial or flexural-shear failure in columns,
especially intermediate columns. Dynamic instability collapse, side-sway collapse, may occur

due to large lateral displacements intensified by Ã y ∆ effects in a single storey or more. The

spread of initial damage to neighbouring elements and the impact from falling elements on
surrounding members may lead to progressive collapse (Liu et al., 2003). In this study, the
AEM permits element separation and the following dynamic redistribution of forces,
accounting for the effect of additional loads resulting from impact due to falling debris.
Tables 6-8 and 6-9 illustrate failure modes, predicted by dynamic analyses with and
without vertical ground motions, for the DCF and BF1 frames, respectively. Collapse
mechanisms for the DCF and BF1 frames are also listed in Tables 6-10 and 6-11,
respectively. The failure modes presented in Tables 6-10 and 6-11 are the collapse
mechanism prior to the impact of elements falling with the surrounding structural members.
For each RC frame, there are 12 distinct collapse mechanisms, all of which depend on the
intensity level, the ground motion record and the contribution of a vertical component. In
general, soft-storey mechanisms lead to a partial rather than total structural collapse, except
in the case of a first-storey mechanism. When a soft-storey mechanism occurs at an upper
storey, the lower part of the structure may still sustain the gravity loads and the additional
debris loads. Impact forces increase the damage to both frames because the elements, which
are subjected to impact forces, are already severely damaged prior to collision. The analytical
results show that impact loading due to falling debris can lead to a progressive collapse (Liu
et al., 2003).
In cases where the effect of vertical ground motions is not considered, various sidesway collapse modes are noted in both RC frames. This is due to the fact that the dimensions
of the column cross-sections in the selected frames are different throughout the height of the
structures. Soft-storey mechanisms are likely to develop on intermediate storeys, because of
varying column cross-sections. Plastic hinges in the columns often developed on those
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storeys containing smaller column cross-sections. In addition, it was found that a first-storey
mechanism is very common in the DCF frame, which has tall columns in the first storey.
Considering the effect of the vertical component often causes vertical collapse in the
DCF frame. 22 vertical collapse cases were observed under the combined ground motion
components compared to two cases obtained under horizontal only motions. Both structures
were most susceptible to side-sway collapse when only horizontal components were
modelled. The DCF frame collapses in 30 side-sway collapse modes out of 32 collapse cases
under only horizontal motions. Similarly, the BF1 frame collapses in 35 side-sway collapse
modes out of 41 collapse cases under horizontal motions. The irregular RC frame is more
vulnerable to vertical collapse, compared to the regular RC frame, where shear failure in the
planted column and the support beam is detected in most cases, leading to a local rather than
a global instability collapse, see the collapse cases described as V and S1+2 vertical in Table
6-8. The DCF frame collapses in the vertical mode, V, for more than ten cases, due to the
inclusion of a vertical component. At higher intensity levels, the collapse mechanisms of the
DCF frame are governed by the contribution of a vertical motion leading to vertical collapse
for most records due to the higher axial forces in the structure columns. For example, the
DCF frame vertically collapses in 9 cases out of 11 under combined components at an
intensity level of 2.8 g.
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Table 6-8: Potential collapse mechanisms for the DCF frame

S1 (1st-storey mechanism)

S2 (2nd-storey mechanism)

S3 (3rd-storey mechanism)

S4+5(4+5th-storey mechanism)

S5 (5th-storey mechanism)

S1+2 vertical

V3

Vp

V

V2-5

R1

V5
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Table 6-9: Potential collapse mechanisms for the BF1 frame

S2

S1+2

S3

S4+5

S5

S5+top

V4

p

V5

V5+top

V3+top

V3
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Table 6-10: Effect of the vertical component on the collapse mechanisms of the DCF frame
Record

Intensity level

name

Case

1.682 g

2g

2.324 g

2.663 g

2.8 g

H+V

Vp

V

V

V

H

S5

S5

S5

S5

H+V

Vp

V

V

V

H

S1

S1

S1

H+V

S1

S1

S1

H
000055ya

H+V
H

000055xa

007142ya

007142xa

H+V
H

000198ya
H

S3

S3

V3

S3

H+V

S3

V3

V5

S3

V3

S5

V

V

V

DCF

000198xa
H
004674ya
H+V
004674xa

006349ya

006349xa

H

S1

S1

S1

S1

S1

H+V

V3

S2

S1

S1+2v

V

H

S1

S1

S1

H+V

S1

S1

S1

R1

H

S5

S5

S4+5

S5

H+V

S5

S5

V5

V2-5

H
H+V

000182ya

000182xa

H

S3

H+V

V3

H

S1

S1

001231ya
H+V
H

V3

001231xa
H+V
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Table 6-11: Effect of the vertical component on the collapse mechanisms of the BF1 frame

Record
name

000055ya

000055xa

007142ya

007142xa

000198ya

BF1

000198xa

004674ya

004674xa

006349ya

006349xa

000182ya

000182xa

001231ya

001231xa

Intensity
level

1.682 g

1.962 g

2.033 g

2.075 g

2.243 g

2.523 g

Case
H

S5

H+V

S5+top

H
H+V
H
H+V
H

S5

S5

S4+5

S4+5

S5

H+V

V5+top

S5

p

S5

S5

H

S3

S3

S3

S2

S1+2

H+V

S3

S3

S3

H

V3

H+V

S2
V3

V3

V3
V3+top

H

S3

H+V

V4

H
H+V

S2

S1+2

S1+2

S1+2

S2

S2

S2

S2

S2

S2

S2

S2

S2

S2

S1+2

S2

S2

S2

S2

S5

S5

S5

S5

V3

S5+top

V3

S5

H
H+V

S2

H
H+V
H
H+V

V4

S5

H

V5

H+V
H

S3

H+V

S3

S3

V3

V3+top

S3

S3

S2
S2

H

S3

S3

S3

V3

V3

S3

H+V

S3

V3

V3+top

S3

V3+top

S3
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As a result of the capacity design requirements, no direct shear failure is observed. The
columns of both frames yield first in flexure, followed by shear failure. The BF1 frame
typically fails at the 2nd, 3rd and 5th storeys. Vertical ground motions often influence collapse
modes. The vertical collapse cases for this frame have been increased from 6 to 15 cases, due
to vertical ground motion effects. The BF1 frame experiences more distributed yielding when
the effect of the vertical component on the collapse response is considered. More cracking
and severe damage to a larger number of storeys leads to delay structural collapse. In general,
the columns of both frames are more damaged when vertical ground motions are included.
As can be seen from Tables 6-8 and 6-9, the contribution of a vertical component is
more pronounced on the top storey columns and intermediate columns, especially in the
intermediate and higher storeys; for example, the failure modes called Vp and V for the DCF
frame and P, S5+top and V3+top for the BF1 frame. The most frequent vertical failure modes
occured in the 3rd, 4th and 5th storeys, the failure modes are called V3 and V5 and V2-5. This
is because the axial loads in these columns are often low, and the axial forces resulting from
flexural forces due to lateral loads are also low. This is consistent with the findings of
(Mwafy, 2001, Mwafy and Elnashai, 2006).
It is worth noting that the effect when considering vertical motions on the collapse
behaviour differs between records. The DCF frame fails in a 1st-storey mechanism under the
000198ya record both when the vertical component is considered, and when it is not. No
effect from the vertical ground motion is found on the collapse modes under this record. On
the other hand, including the 007142za vertical record in the analysis leads to local vertical
failure governed by the missing column.
It is interesting to note that collapse assessment reflects that failure modes are not only
associated with overall system ductility, but also with the loading scenario, as described by
the intensity level and shape of the spectra of each component of the record. Vertical ground
motion effects can accelerate the collapse of irregular systems but may delay the collapse of
ductile structural systems.
RC frame structures, designed according to EC8, are capable of withstanding higher
seismic intensity levels than the level they were designed for and of experiencing significant
deformations prior to collapse. It was found that modern RC frames, which satisfy the
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capacity design provisions including ductile reinforcement detailing and more stringent
requirements on transverse reinforcements, are not vulnerable to unfavourable collapse
modes, such as beam-column joint failure or column shear failure. However, soft-storey or
multi-storey mechanisms cannot be completely prevented using modern seismic code
provisions.
The failure modes reflect how important it is to simulate those aspects associated with
the collapse process, such as element separation, force redistribution and impact forces; all of
which can play an important role in determining the collapse behaviour of RC structures.
Dynamic redistribution of gravity and seismic loads following the removal of a column can
significantly change the collapse response. As discussed previously, in Chapter 5, the type
and location of a first separated member are one of the key parameters that can affect failure
mechanisms. As shown in Table 6-9, separation of corner columns and the discontinuities in
framing can result in failure in the middle span of a neighbouring beam, which is generally
not considered in FEM models. The AEM does not require any previous knowledge of crack
and failure locations, as these cannot be predicted prior to analysis (Tagel-Din and Meguro,
1999a). Ignoring these effects may result in inaccurate predictions regarding failure modes.
This study, which is based on the AEM, also highlights key aspects that affect the collapse
behaviour. In order to assess the collapse response of RC structures with reliable accuracy, it
is essential to model the structural response not only up to failure, but also until complete
collapse, and to account for the key aspects that affect failure mode.

6.11 Conclusions
Based on the analytical investigations, some conclusions, which are subjected to the
assumptions and limitation of the modelling approach, have been drawn as follows:
•

The inclusion of vertical ground motion often influences the collapse probability and
failure modes of RC frame structures, which are designed according to EC8. The
collapse probability may increase or decrease according to overall structural system
ductility, the characteristics of both vertical and horizontal components of each record
and the intensity level of both components.

206

Chapter 6
•

Assessment of RC frame structures considering the vertical ground motion

The effect of the inclusion of vertical motions on collapse probability is not consistent
at a given intensity level. Irregular frame structures are more likely to be sensitive to
the inclusion of vertical ground motions.
• The ratio of vertical to horizontal accelerations does not reflect the contribution of
the vertical component on the collapse process. The effect of vertical ground motion
also increases in response to an increase in its intensity level.
• The effects of vertical ground motion can modify failure modes of modern frame
structures, leading to vertical rather than side-sway collapse modes.
• Ignoring the effect of vertical ground motions in a collapse assessment of a modern
RC frame structure can lead to unsafe predictions, especially for an irregular frame
structure.
• A reliable simulation of the important aspects of collapse is required in a collapse
assessment, especially for predicting failure mode and the extent of damage
throughout a structural system. Ignoring the effect of element separation, contact and
collision and any following force redistribution can lead to inaccurate predictions
regarding the collapse process. The AEM can track the complete seismic behaviour
of RC frame structures, and thereby account for the most important aspects of the
collapse process.
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7.1 Introduction
In order to evaluate the seismic response of structures using nonlinear dynamic analysis with
acceptable accuracy, appropriate criteria for selecting and scaling ground motions should be
used. Uncertainties in ground motions can significantly influence a structure’s response.
Although several approaches for selecting and scaling ground motions for seismic assessment
and for code-based design have been developed recently, there is no consensus yet on the
most appropriate selection and scaling criteria for use in a nonlinear time history analysis,
especially when a structure is on the verge of collapse (NIST, 2011). Furthermore, most of
the selection and scaling methods developed to date have not been used in engineering
practice up to now, because the application of these approaches is complicated and may have
not been considered in seismic codes. Scaling ground motion using a carefully selected
intensity measure, IM, can result in accurate seismic assessments without any need to
perform a detailed ground motion selection, as required by probabilistic seismic hazard
analysis.
Determination of the mean annual frequency of exceeding a pre-defined limit state,
such as the collapse limit state, for a specific structure at a given site presumes that the
selected set of ground motions for nonlinear dynamic analyses is a good representative of the
earthquake scenario for the given site. Furthermore, two key elements required to perform
probabilistic seismic assessment are the ground motion intensity measure that describes the
damaging effects of ground motions and the engineering demand parameters, EDPs, which
describe structural damage. Maximum inter-storey drift ratios, maximum roof displacement
ratios, peak floor accelerations, plastic hinge rotations, member forces, and damage indices
are examples of commonly used EDPs. The IM provides a link between seismic hazard
curves and structural analyses. The better is the correlation between these two elements, the
more accurate is the evaluation of the structure response. A good correlation depends not
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only on selecting a suitable IM but also on choosing an appropriate engineering demand
parameter to represent the structural damage.
The intensity measure should be practical, efficient, sufficient and scaling robustness.
The requirement that it should be practical is related to the feasibility when computing the
seismic hazard map and hazard curves at a given site in terms of IM, as well as to the
availability of attenuation relationships for the IM (Mehanny, 2009). Efficiency means that
dispersion in the structural response of interest is relatively small so that the number of
records to be used can be reduced without loss of accuracy. The number of records required
to gain the same level of confidence in demand estimates is reduced by a factor of four when
the dispersion is reduced by a factor of two (Vamvatsikos and Cornell, 2005). Meanwhile,
sufficiency requires that the measures of the structural response given an IM are conditionally
independent of magnitude, distance and other parameters of ground motion (Luco, 2002).
The latter refers to the fact that linearly scaling the ground motions to different levels of
seismic intensity does not introduce a bias in demand estimates and so no strong correlation
exists between the scaling factor and the structural response (Tothong, 2007). It is worth
nothing that these features depend on the characteristics of ground motions, e.g. near-field or
ordinary motions, structure type and the structural response parameters of concern.
Several scaling methods have been developed for use in scaling records in a ground
motion set to have the same seismic intensity, as expected at the site of concern. The scatter
when estimating the seismic demands can be increased or decreased based on the scaling
method selected. It has been found that the scatter depends on the type of structure and is
increased as the seismic intensity level increases when structures experience highly nonlinear
response (Cantagallo et al., 2012).
Ductile RC frame structures tend to experience much period elongation prior to
collapse. Thus, the effects of spectral shape on these structures are expected to be important.
Ductile frame structures tend to collapse at high seismic intensity corresponding to rare
ground motions.
It has been stated that ground motion frequency content is associated with the hazard
level. For example, ground motions corresponding to rare events with a small annual
frequency of exceedance have different spectral shapes in the region of the structure’s
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fundamental period, than is the case for ground motions associated with frequent events
(Baker and Cornell, 2006a).
The main aim of this study is not to provide an answer about which approach is the best
method for selecting and scaling ground motions, but rather to examine the impact when
using different intensity measures for scaling natural ground motion records on the prediction
of the structural damage. Moreover, focus is on investigating a correlation between intensity
measures and engineering demand parameters in terms of the peak roof drift, the peak interstorey drift ratios and damage indices, determined based on changes to the first natural period
of a structure for different levels of nonlinear response.
A review of the current approaches for selecting and scaling real ground motion records
has been presented.

7.2 Earthquake scenarios
Earthquake scenarios can be defined using seismic hazard analysis, SHA, using either
deterministic or probabilistic methods (Gupta, 2002). Deterministic seismic hazard analysis,
DSHA produces earthquake parameters, e.g. a combination of magnitude and distance, as
related to the maximum credible earthquake, MCE, which corresponds to the largest
amplitude at a given site, and accounts for the seismic history and tectonic characteristics in
the zone of interest. However, the likelihood of the occurrence of the maximum earthquake is
not considered in a DSHA. Seismic hazard is computed using probabilistic seismic hazard
analysis, PSHA, in order to calculate the mean annual frequency of exceeding various levels
of an intensity measure, such as the peak ground acceleration or a spectral response value at a
period of concern (Baker and Cornell, 2006a). PSHA accounts for the contributions from all
the expected seismic sources, thus it can provide information about which earthquake
scenarios are most likely to occur. The seismic hazard curve plots the annual probability of
exceedance versus spectral accelerations. After which, the combination of seismic parameters
that strongly contribute to the desired seismic hazard can be calculated through

disaggregation of the probabilistic hazards, such as M, R and , (Iervolino and Manfredi,
2008).

210

Chapter 7

Scaling ground motions for seismic collapse assessment of structures

The attenuation relationship is a function of an intensity measure and different
earthquake parameters, e.g. magnitude, site to source distance and soil conditions, and it is
derived using regression analyses of recorded ground motion data.
The uniform hazard spectrum, UHS, developed by PSHA at a given site is a response
spectrum for one probability level of exceeding of each ordinate. This spectrum is obtained
based on the PSHA of a specific site by enveloping elastic spectral acceleration with a
specified probability of exceedance for 50 years at all periods. It was concluded that using
UHS as a target response spectra for record selection was not suitable. This is due to that fact
that UHS is conservative and cannot represent the response spectra of any individual ground
motion. This is because it is based on enveloping spectral values computed by the PSHA for
each period. Thus, it does not consider the probability of a joint occurrence of spectral
acceleration values at different periods (Baker, 2011). An alternative to the USH is the
conditional mean spectrum including epsilon, CMS-ε.
The Conditional Mean Spectrum including epsilon is illustrated in Figure 7-1. The
CMS-ε provides an expected mean response spectrum that is conditional on a target spectral
acceleration at a single period, as obtained from PSHA. Disaggregation information about
mean magnitude, distance and , values is utilised to compute the conditional distribution of

spectral acceleration values at other periods (Baker and Cornell, 2006a). In addition,
correlations between ε values at different periods are required when calculating CMS-,.

CMS- , depends on both target S and the period of interest. Epsilon, ε, is defined by
seismologists as the number of standard deviations between the spectral acceleration of the

selected un-scaled ground motion at a given period and the median spectral acceleration at
the same period, as calculated according to attenuation function (Baker and Cornell, 2005).
εT can be calculated using Equation 7-1 (Baker, 2011).
εT A

b´^µ - U,0,´
ô-.

Equation 7-1

µ b and σb´ are the mean logarithmic and the logarithmic standard deviation of S T.

These two parameters can be determined from attenuation ground motion models.
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Figure 7-1: Conditional mean values of spectral acceleration at all periods, given  1
(Baker, 2011)

7.3 Review of selection methods for nonlinear dynamic analysis
(Katsanos et al., 2010, Iervolino and Manfredi, 2008) have summarised the available criteria
for ground motion selection as the follows:

7.3.1 Selecting record based on magnitude and distance
Earthquake magnitude, M, and source to site distance, R, in Km, are the two most common
earthquake parameters used for record selection, as they are generally associated with
earthquake scenarios. However, a number of studies have found that earthquake magnitude
has a slight effect on various structural response, whereas the structure’s response,
particularly structural displacements or inter-storey drift ratios, are almost independent of the
distance (Carballo and Cornell, 2000, Baker and Cornell, 2005, Luco, 2002, Bommer and
Acevedo, 2004, Stewart et al., 2001). Therefore, M can be considered as an initial criterion
for the selection of real records.
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(Iervolino and Cornell, 2005) examined the importance of accounting for M and R in
record selection on the nonlinear response in terms of the maximum drift. A large number of
case studies were investigated, including SDOF systems with different periods, hysteresis
relationships and levels of ductility, as well as MDOF systems representing RC and steel
structures. Two groups of record sets were considered. The first group consisted of six sets of
ten records corresponding to a specific scenario, M and R. The second group consisted of ten
randomly chosen sets. The conclusions that were drawn based on this study indicated that the
effects of M and R on the nonlinear structural response are minor. Nevertheless, the best
practice for record selection, e.g. ASCE 2005, is currently based on an earthquake scenario,

M and R, as determined by disaggregating the PSHA on the S T  value corresponding to a
specified probability (Cornell, 2005).

7.3.2 Soil Profile at the site of interest, S
Another important selection criterion is soil type. The amplitude and the response spectra of
ground motions are affected by soil type (Bommer and Acevedo, 2004). Soil profiles can be
classified based on shear–wave velocity at the upper 30 m or according to the provisions of
seismic codes, e.g. EC8 soil site classification. However, the number of specific (M, R and S)
records may be limited, and not enough for nonlinear dynamic analyses. Therefore, the
constraints when selecting M and R should be relaxed within an interval of 2∆M and 2 ∆R,
respectively.

7.3.3 Strong motion duration
A strong motion duration can be used as an additional selection criterion to M, R and S.
Several studies concluded that strong motion duration affects some damage indices, relative
to the hysteretic energy, while the indices based on peak displacement are insensitive to this
criterion (Shome et al., 1998, Iervolino et al., 2006b).

7.3.4 Seismotectonic environment
The influence of seismotectonic environment on real ground motions has been highlighted in
a number of studies. An example of the seismotectonic features are source path and
environment, as well as the fault mechanism, e.g. normal, normal-oblique, reverse normal,
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reverse oblique and strike slip. (Kappos and Kyriakakis, 2000) investigated the effect of
using different seismotectonic environments and soil conditions on elastic and inelastic
spectra. By examining reports it can be seen that the frequency content of records varied
according to tectonic regime, whether American or Greek. In addition, the response of Greek
records decays more rapidly.

7.4 Review of scaling methods for nonlinear dynamic analysis
In these methods, the ground motion non-stationary content is not modified, as opposed to the
amplitude. These scaling methods can be classified into spectral matching-based methods that
are generally adopted by seismic codes and intensity-based methods. The focus of this study
will be on the latter.

7.4.1 Intensity-based scaling ground motion methods
The choice of appropriate scalar measures is a concern for most studies in this field.
The earliest scaling method is based on using the peak value of the ground motion
acceleration, PGA, as a scalar intensity measure. PGA is only an efficient IM for low period
structures. Using PGA as an IM can produce inaccurate response estimation and large
dispersion, especially if the structure responds inelastically (Shome et al., 1998).
Other scaling measures are Arias intensity, AI; effective peak acceleration, EPA;
effective peak velocity, EPV (Kurama and Farrow, 2003); Housner intensity, HI (Housner,
1952); velocity spectrum intensity, VSI; and acceleration spectrum intensity, ASI (Von-Thun
et al., 1988). EPA is calculated by dividing the mean value of spectral acceleration in a period
range from 0.1 to 0.5 sec by a factor of 2.5. Similarly, EPV is determined by dividing the
mean value of spectral velocity in a period range between 0.8 and 1.2 sec by a factor of 2.5.
EPA and EPV control the short-period range of the response spectra of the ground motion so
that they are not suitable for structures with periods larger than 0.5 sec (Kurama and Farrow,
2003). HI is defined as the area under the pseudo-velocity response spectrum in a period
range 0.1 to 2.5 sec. VSI is obtained in a similar way to HI but employs an absolute velocity
spectrum. ASI is the area under the pseudo-acceleration response spectrum in a period range
between 0.1 and 0.5 sec.
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Cumulative absolute velocity, CAV, is the integral of the absolute value of the
acceleration time history. A good correlation has been reported between CAV and structural
damage (Kramer and Mitchell, 2006). Characteristic intensity, I , which accounts for ground

motion amplitude and duration, can be used as a structural damage indicator. Another index
for ground motion damage potential, denoted I5 , has been introduced by (Fajfar et al., 1990).
I5 takes into consideration two ground motion parameters PGV and significant duration.

Yang et al. suggested using new non-structure intensity measures, improved effective
peak acceleration, IEPA, and improved effective peak velocity, IEPV, for near-fault pulselike ground motions (Yang et al., 2009). These two parameters can be determined in a similar
way to the previous parameters, but utilise a different period range. The period range for
IEPA is equal to T$4 y 0.2, T$4  0.2 , while the IEPV period range is equal to T$1 y

0.2, T$1  0.2 sec. T$4 and T$1 are the periods corresponding to the maximum value of
pseudo spectral acceleration and that of spectral velocity, respectively.

All of the previously mentioned IMs are independent of the structure’s dynamic
characteristics. Thus, they may produce large scatter in the estimated demands. Considering
the structural vibration properties, when defining the intensity measure, can result in
improved IM with less dispersion for estimating EDPs.
It has Also been found that the 5% damped spectral acceleration at the structure first

period, S T , is an efficient and sufficient intensity measure (Shome et al., 1998). S T  is

convenient as an intensity measure for estimating the drift response of structures, governed

by the first mode of vibration and almost elastically response. When the structural system
experiences strong degradation, its first mode period elongates due to the damage
progression. This means that its response can be affected by all spectral values in the period

range, from the initial fundamental period to the maximum elongated period. S T  does not

provide adequate information regarding the spectral shape of the ground motion records.
Thus, the elastic spectral acceleration or displacement is not a good intensity measure for

prediction of highly nonlinear response. Furthermore, recent investigations have shown that
scaling ground motion based only on S T  can lead to a larger scatter in the seismic demand

estimates for near fault ground motions (Yahyaabadi and Tehranizadeh, 2011, Tothong and

Luco, 2007, Luco and Cornell, 2007, Cordova et al., 2001) and for long-period structures, as
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the higher-mode contribution is significant (Shome, 1999, Luco, 2002). S T  can be
obtained from a code design spectrum or the uniform hazard spectrum, as determined from

PSHA for the site of concern. This intensity measure is widely used, due to the fact that most
hazard maps and hazard curves quantify seismic threat in terms of this parameter.
A scaling method based on the arithmetic mean of the 5% damped spectral

accelerations over a range of periods T` / Tµ  has been introduced in order to allow for
consideration of nonlinear response by accounting for period elongation (Kennedy et al.,

1984, Kurama and Farrow, 2003, Martinez-Rueda, 1998). Tµ is the elongation period related

to the secant stiffness associated with the peak displacement demand.

Shome has stated that scatter in the predicted deformation demands can be decreased by
spectral averaging over a narrow frequency range, with the structure fundamental frequency
located in the range centre, and by employing higher damping ratios for computing the
acceleration spectra, as recommended by Kennedy et al. (Shome, 1999, Kennedy et al.,
1984).
It has been noted that the response prediction of structures can be improved provided
advance intensity measures considering the structure type, the spectral shape and the
expected level of nonlinear response are used (Mehanny, 2009). A review of advanced
intensity measures, which have been developed based on the information obtained from
modal vibration analyses, pushover analyses, elastic spectral displacements or inelastic
spectral displacements, can be summarised as follows:
Cordova and Mehanny developed a new two-parameter intensity measure accounting
for period elongation corresponding to damage accumulation and nonlinear response as in
Equation 7-2 (Mehanny, 1999, Cordova et al., 2001).
b .´  0

S, A S T  ³ b ´  ¶




Equation 7-2

Estimation of the parameters α and c is based on an appropriate calibration of the results
obtained from four multi-storey frames in order to minimise the variability in the estimated
response. It has been suggested that α A 0.5 and c A 2 be used for general applications.

Attenuation functions for this new intensity measure can be obtained easily and directly from
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those attenuation relationships corresponding to S T  and S cT , provided that the
correlation coefficients between these two variables, which have determined by (Inoue and
Cornell, 1990), are available.
Previous research has introduced several new structure-specific intensity measures for
near-source and ordinary ground motions (Luco, 2002, Luco and Cornell, 2007). The peak
inter-storey drift angle was the EDP of interest. These six alternative IMs involve an

adjustment of S T  to reflect the higher-mode contributions or the level of excepted
inelasticity or both. Two of the proposed IMs, denoted IMr&ot and IMu&ot , allow for the

consideration of the effect of the second mode. The four remaining scalars, involving the
properties of the first mode of vibration are IMu , IMr , IMv and IMvw , corresponding to

inelastic spectral displacement, elastic spectrum at T , elastic spectral displacement at an

effective period and spectral displacement of an equivalent SDOF elastic oscillator,

respectively. Through assessment of the response of three moment-resistance steel structures
with different heights under two ground motion sets corresponding to near-source and
ordinary records, it has been concluded, using a one-parameter linear regression model, that
the most efficient and sufficient IMs for the three structures investigated under both of the

ground motion sets is IMu&ot . This is due to the fact that IMu&ot combines both inelastic

spectral displacement and higher-mode contributions. The formulation of the best IMs is as in
Equations 7-3 and 7-4.
IMu&ot A

b1¬ ´ ,2 ,« 
b¬ ´ ,2 

IMr&ot

Equation 7-3
o

IMr&ot A ¡êPF S T , ξ ì  êPFo S To , ξo ì
MoN

MoN

o

Equation 7-4

PF , PFo are the first-mode and second-mode participation factors for the storey related to
MoN

MoN

the SRSS estimate of the first two modes of vibration, respectively, S T , ξ  is the elastic

spectral displacement corresponding to the first-mode, S To , ξo  is the second-mode elastic
spectral displacement, and Su T , ξ , d=  is the first-mode inelastic spectral displacement.

Su T , ξ , d=  can be computed from an elastic-perfectly-plastic, a bilinear or a trilinear
oscillator, with period of T , a damping ratio of ξ , and yield displacement of d= determined
with a pushover analysis.
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Tothong and Cornell developed a scalar intensity measure based on inelastic spectral

displacement, S, for structures governed by the first-mode of vibration for both ordinary and

near-source pulse-like records (Tothong and Cornell., 2007). It was proved that the efficiency
and sufficiency of this intensity measure is better than that conventionally used S T .

IMu&ot is recommended for structures with higher-mode contributions. By using this scalar
measure, consideration of epsilon can be avoided. The spectral shape at longer periods than
T can be captured well by S . Moreover, this advanced scalar measure can capture the

effects of pulse-like ground motion, as opposed to the vector intensity measure consisting of

S T  and ε, which is deficient for near-source ground motion (Tothong, 2007). The

applicability of these intensity measures is relatively limited (Bojórquez et al., 2008). This is
due to the fact that there are some difficulties associated with the computation of the seismic

hazard curve in terms of S and IMu&ot . Although empirical attenuation relations for S and

IMu&ot with given properties of ground motions, e.g. M, R, site condition, are estimated by
Tothong (Tothong, 2007), this attenuation model is not yet widely known.

(Hutchinson et al., 2004) suggested using the average elastic spectral displacement over

a range of periods, ∆f?! , as an IM for predicting the inelastic response of bridges subjected

to near-fault motions. The lower and upper bounds of the period range correspond to the
fundamental period and the period related to the secant stiffness, which corresponds to the
maximum displacements.

(Baker and Cornell, 2006a, Bianchini, 2008) proposed a new intensity measure, namely

S,zT , … , T , in order to predict nonlinear response of structures. S,z is defined as the

geometrical mean of the spectral acceleration ordinates in a T , … . , T  set of periods

corresponding to periods of interest and related to the structure fundamental period as in
Equation 7-5.


S,z T , … , T  A  ∏ù s T 

Equation 7-5

A set of ten periods with logarithmic-spacing rather than arithmetic-spacing is recommended
for use when computing the scalar as in Equation 7-6 (Bianchini, 2008):
S,z



s k T Ï … Ï s k T 7
A  45555555555555556 
` |:H z^H|v
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It has been noted that S,z , which considers effects of both higher modes and structure

softening, as a result of employing k and k , is a better intensity measure than both S T 
and PGA for seismic assessment of SDOF and MDOF systems (Bianchini et al., 2009). The
optimal values for k and k are structure specific. It has been concluded that using k A

0.25 is suitable for structures affected by higher modes, while k A 1, should be used for
SDOF systems or structures dominated by the fundamental period. Setting k

as equal to 2

or 3 is suitable for structures with ductility levels of 2 and 4, respectively. Furthermore,

computing the seismic hazard in terms of S,z is simple and can be performed in a similar

way to that corresponding to a single value of S , and by using existing attenuation laws.

(Mehanny, 2009) improved the new two-parameter intensity measure developed by
(Cordova, 2000). The expected level of structural damage is related to the ground motion
intensity, and the structure capacity. Thus, instead of using a constant value for the parameter
c for all structures with different strengths, a self-adaptive multiplier for the structure first
mode period, c A fR is utilised to reflect the period elongation, corresponding to the

expected damage level associated with the design assumptions adopted in the structure of
interest. R is the nominal relative lateral strength of an equivalent SDOF system. 8 A

9

:

is

calculated from a pushover analysis of a MDOF. c is set as equal to √R, where equal
displacement rules hold true, otherwise c A √R ( e.g., for long-period structures). Based on


the evaluation of nonlinear response of a large number of first-mode dominant structures
represented by SDOF systems with different constitutive models, levels of cyclic degradation
and R values under four sets of ground motions corresponding to different scenarios, the
efficiency and sufficiency of the proposed IM have been proved. This scalar does not account
for the contribution of higher modes. Thus, it is not suitable for use in the seismic assessment
of tall and long-period structures. Also, it has been noted that this improved IM is not
recommended for use for very short-period structures.
(Weng et al., 2010) proposed a new scaling method for high-rise structures, dominated
by higher-mode effects. In this method, the scaling factor was determined by minimising the
differences between the spectral parameters of a scaled record and those of the design
spectra, for the first few important modes. The modes, which constitute not less than 90% of
the total effective mass of the structure, should be considered here.
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Alternative scalars based on spectral acceleration at periods different from the firstmode elastic period were introduced. In a seismic assessment, the most important aspects in

scaling records incorporating S T as IM are the reference level for the spectral acceleration

and the reference period T. It was suggested that using 1.1 times the structure fundamental
period as a reference period is necessary for scaling. The minimum required number of
records for use in seismic assessment, in order to obtain reliable results, is about 30 records
(Catalan et al., 2010).
(Cantagallo et al., 2012) suggested two values to use for the reference periods, called:

Te and T , resulting in two IMs, S Te  and S T . Te and T are the cracked and

the inelastic periods determined from pushover analyses. The latter can be determined
according to Equation 7-7.
T A 2π¡

 Ï«
5«

Equation 7-7

m is the mass of the equivalent SDOF system, d= is the yield displacement, and F= is the
ultimate strength.

A new scalar intensity measure based on the spectral acceleration at the fundamental

structure period and the spectral shape, I#$ , was proposed by (Bojorquez and Iervolino,

2011) as shown in Equation 7-8.

I#$ A S T N$0

Equation 7-8

N| is a new proxy for spectral shape, introduced by (Ibarra and Krawinkler, 2004); see

Equation 7-9.

N| A

b<¤ ´,…., ´= 
b ´ 

Equation 7-9

If the value of N| of a record is lower than one, this means that the spectra tend to decrease

beyond T and vice versa. The optimal value for α is 0.4. T# can be set as equal to 2T or to
nearly 2.5T (Bojorquez et al., 2012, Bojorquez and Iervolino, 2011). I#$ is a good predictor

for ordinary, as well as for near-fault pulse-like ground motions. Computing seismic hazard
in terms of I#$ can be easily performed using tools currently available.
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(Yahyaabadi and Tehranizadeh, 2011) introduced a new displacement-based scalar
intensity measure incorporating optimal combinations of elastic spectral displacements and
considering the effects of higher modes and period elongation. The EDP of interest was the
peak inter-storey drift ratio. The results of the IDA of several generic one-bay frames
subjected to 40 pulse-like ground motions showed that optimal combinations of spectral
displacements depend on structure type (e.g. short, moderate and long period structures) and
seismic intensity level. The contribution of higher modes can be neglected for relatively
short-period structures (e.g. structures with up to six storeys), while they dominate the
response for long-period structures, in which the effects of the elongation period are
insignificant. The contribution of spectral parameters at longer periods than T increase as the

seismic intensity increases. Consequently, these effects should be considered in the improved
IM, in such a way that it reduces the record-to-record variability at higher intensity levels,
provided it does not result in more scatter at lower levels. The improved intensity for collapse
assessment additionally involves S 1.6T . The two general formulations for the improved

IM in non-collapse and collapse cases are as shown in Equations 7-10 and 7-11.
IM# A åΓo å0.8 So T   0.2 So 1.2T æ  Γoo So To æ

`.]

IM A åΓo å0.4 So T   0.4 So 1.2T   0.2 So 1.6T æ  Γoo So To æ

Equation 7-10
`.]

Equation 7-11

S T  and S To  are the elastic spectral displacements corresponding to the first two

modes. Γ A PF Ï ID , PF and ID are the first mode participation factor and the inter-

storey drift related to the storey where ?MPF ID S T No  MPFo IDo S To No is maximised.

Attenuation models for the new IMs can be derived directly from the existing attenuation
relationships for S and the correlations between S at different periods.

(Kadas et al., 2011) developed an intensity measure to account for the period elongation

of structures under earthquake loadings. A new IM, called I , accounts for the spectral shape

along the period softening path by utilising the area under the elastic acceleration spectrum in
the period range from the fundamental to the elongated period, normalised by the structure’s

yield capacity, A=, and T y T . (Kadas et al., 2011) adapted this IM to more accurately
reflect the features of descending or ascending spectra, by adding the term T y T . The

formulations for these two IMs are as given in Equations 7-12 and 7-13.
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I A


´
 ª S T, ξ dT
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I A 4
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Equation 7-12

´ ª S T, ξT y T  dT
´



Equation 7-13

T and T are the initial and elongated periods and can be determined from a pushover

analysis. Also,T can be estimated from Equation 7-14 for Sa T1  * Ay .
T A 1.07 Ï T Ï 

b ´ 

4«

`. ]

 2T

Equation 7-14

The response of seven RC frames under a set of 100 ground motion records, representing a
wide range of ground motion characteristics, has been evaluated using the two proposed IMs
and the unnormalised I . It was found that the best correlations are obtained between the
maximum inter-storey drift ratio and the unnormalised I , as well as I . However, I is

preferable as it accounts for spectral shape and structural capacity.

A scaling method based on modal-pushover analyses was proposed by (Kalkan and
Kwong, 2011, Kalkan and Chopra, 2010, Kalkan and Chopra, 2011, Kalkan and Chopra,
2012, Reyes and Chopra, 2012). This method explicitly accounts for the structural strength,
estimated according to the pushover curve related to the first mode. Each record in the set is
scaled to match the target inelastic deformation value. The scale factor for a single record is
determined in such a way that the maximum deformation obtained from the time history
analysis of the inelastic SDOF system, with force-deformation associated with the pushover
curve under the record of concern, is almost matched to the target value. The target value is
the median peak inelastic deformation obtained from a large ground motion set compatible
with the seismic hazard at a specific site. This value can be determined by multiplying the
value of deformation corresponding to the target spectrum using the inelastic deformation
ratio calculated from the empirical equation developed by (Chopra and Chintanapakdee,
2004) based on the yield-strength reduction factor. Moreover, this method allows the user to
check the higher-mode compatibility and select a subset with higher-mode consideration. The
subset consists of scaled records, in which elastic spectral displacements at the second period
approximate to the target value.
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7.4.2 Vector-valued ground motion intensity measures
Several vector-valued intensity measures have been proposed to improve the efficiency of the
scalar intensity measures. Most vector-valued intensity measures are comprised of two or
more parameters. Commonly, the first parameter is the elastic spectral acceleration at the
fundamental period of the structure. The latter parameters commonly account for the spectral
shape of the ground motion records.
Vector intensity measures accounting for the effect of higher modes have been
proposed,

such as a vector of S T  and S To  or of S T  and S T /S To 

(Bazzurro, 1998, Shome, 1999).

Using a vector consisting of S T  and the spectral shape parameter, epsilon, ε, is

more convenient for predicting highly nonlinear response of structures than a scalar IM
(Baker and Cornell, 2005). As previously mentioned, ε is a measure of the difference

between the mean predicted and the record spectral acceleration at a given period. The
expected epsilon depends on the site of the selected structures and the hazard level of interest.

For instant, ε A 0 in the Eastern United States and ε A 2 in coastal California for the 2% in

50 year ground motion (Haselton et al., 2008b). The epsilon value is generally positive for

rare ground motions, corresponding to 2% in the 50 years hazard level. While negative
epsilon values are expected for frequent ground motions with hazard levels 50% in 50 years
(Baker and Cornell, 2006a). Furthermore, the value of ε is also affected by the attenuation

relationship used and the period of interest. (Baker and Cornell, 2005) investigated the effects
of accounting for the ground motion spectral shape, as represented by ε, on the structural

collapse capacity of a reinforced concrete structure and a number of generic frame models. It
was found that the collapse capacity increased if records with as large as ε as recommended,

based on the results of ground motion hazard disaggregation, were considered. Moreover, the

impact of ε on the seismic response of structures is larger than the effects of M and R. This is

due to the fact that ε is a better index for spectral shape (Baker and Cornell, 2005, Baker and

Cornell, 2006a).

The spectral shape strongly affects the collapse capacity prediction. The effects of
spectral shape can be reduced by using a more appropriate IM for collapse analysis. It was
concluded that selecting ground motion records with a proper ε at the effective period of the
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structure, and then scaling the records to a target spectral acceleration at this effective period,
rather than the fundamental period, is better in reducing the structure’s sensitivity to the

spectral shape, ε (Haselton and Baker, 2006). The optimal effective period for ductile

structures is around twice its fundamental period. However, the vector intensity measure

+  T , ε * is not efficient for predicting the response of structures under pulse-like
ground motions (Tothong and Cornell., 2007).

(Mousavi et al., 2011) introduced a new spectral shape index, namely eta, η. Eta is a

linear combination of two epsilons: the previously mentioned epsilon, which is associated
with the spectral acceleration, and a new parameter called the peak ground velocity epsilon,

ε$T1. An analytical equation was developed based on regression analyses, in order to predict

the target ε$T1 for a given εb. It was stated that this new spectral shape indicator is more

efficient than the convenient εb for predicting the nonlinear response of structures with
periods in the range of 0.25 to 3 sec.

A new vector-valued ground motion intensity measure consisting of the spectral

acceleration at the fundamental structure period and the spectral shape proxy, N| , was

introduced by (Bojorquez and Iervolino, 2011, Bojórquez et al., 2008). They found that the

IM vector <Sa, Np> is not only good in predicting maximum displacement, but also in
estimating cumulative damage (Bojórquez et al., 2008). Furthermore, the efficiency of this
vector at different intensity levels was explored and proved based on a comparison between

+  T , R ´,´¦ * and +  T , ε *. Moreover, +  T , N| * was shown to be a better
candidate for near-source pulse-like ground motion and narrow-band motions (Bojorquez and
Iervolino, 2011). Also, +  T , N| * was found to be less sensitive to the value selected

for the final period than +  T , R ´ ,´¦ *.

There are many difficulties involved in using vector-valued IMs. For example: scaling
techniques used, hazard calculations, seismic hazard analyses and attenuation functions for
vectors of parameters (Mehanny, 2009).
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7.5 Review of investigations on the effect of using different
scaling methods on nonlinear dynamic response
A number of studies have been carried out to investigate the correlations between several IMs
and EDPs.
Kurama and Farrow studied the effectiveness of seven ground motion intensity
measures associated with ground motion characteristics, in decreasing the variability in the
peak displacement demands (Kurama and Farrow, 2003). A large number of nonlinear SDOF
systems, subjected to four ground motion sets with different characteristics and epicentral
distances were studied. In addition, two MDOF systems subjected to a set of 20 records were
considered. The selected IMs were the peak ground acceleration, effective peak acceleration,
Arias parameter, AI, effective peak velocity, maximum incremental velocity, MIV, spectral
acceleration at the fundament period and spectral acceleration over a range of periods,

S T` y T= . It was found that the effectiveness of the intensity measure depends on the

characteristics of both the soil site and the structures, in terms of structural strength and
period of a structure. A good scaling method for stiff soil and far-field may result in large
scatter for soft soil and near-field ground motions. Using maximum incremental velocity as
an IM for scaling ground motion records can result in less scatter in estimated peak
displacements, when compared with results obtained using the other six IMs, for most
structural characteristics at sites with different soil characteristics. Although the MIV scaling
method depends on ground motion parameters only, and can be easily applied to different
structures, implementation of this intensity measure for performance-based assessment
requires an estimation of the mean annual frequency of exceeding the MIV at a given site and
an attenuation relationship for MIV.
(Luco et al., 2005) examined the efficiency of a number of scalar IMs and vectorvalued IMs on the response of three steel moment-resisting frame structures, with different
numbers of storeys: 3, 9 and 20, under two sets of 70 ground motions representing near-field
and ordinary motion. The parameters for ground motions with available attenuation functions

were selected, such as: S T , S To / S T , S T / S T , Sð T , d= / S T  and

energy-based parameters. The correlations between several vectors consisting of a different
combination of previously mentioned ground motion parameters, and a vector of the
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maximum inter-storey drift ratios for all the structure storeys was also studied. The results
indicated that the vector accounting for the effects of higher modes and inelasticity is the best
predictor of the nonlinear response.
Riddell studied the efficiency of 23 simple ground motion intensity parameters
employing SDOF systems with different periods and using three nonlinear models (Riddell,
2007). It was shown that the effectiveness of these parameters was dependent on
characteristics of a structure. Some parameters correlated well with structural damage for
only short-to-medium period structures, while others had a good correlation for long period
structures. None of the investigated intensity parameters was a good damage indicator for the
entire period range.
Yakut and Yalmaz examined the correlation between several commonly used intensity
measures and the maximum inter-storey drift ratio of 16 reinforced concrete frames subjected
to 80 records, with different levels of seismic intensities (Yakut and Yalmaz, 2008). The

selected ground motion parameters were PGA, PGV, S T , CAV, ASI, VSI, AI, I , I5 and

EPA. It was noted that the spectrum intensity parameters, such as: HI, VSI, ASI and S T ,

were superior to other intensity parameters, which were calculated using ground motion
records for medium period structures.

Bianchini compared the efficiency of S,z with other intensity measures, e.g. PGA,

PGV, PAD, S T , and S, based on dispersion (Bianchini, 2008). A set of SDOF and

MDOF systems with different types, hysteretic models, periods under a set of 40 ordinary
records was considered. The results show that S,z is the best, out of all the IMs considered,
except for S . S is better for MDOF systems with short period.

(Lucchini et al., 2011) investigated the correlation between five intensity measures and
two EDPs for a complex structure, an irregular three-dimensional structure under bidirectional ground motion, rather than unidirectional ground motions, which had been the
primary focus in the most previous studies. The maximum ratio of inter-storey drift and the

maximum ratio of roof drift were the two EDPs selected. The IMs of interest were S T ,

S, , +  T , ε *, a vector intensity measure including S at higher modes and a

vector of IMs consisting of a combination of two orthogonal ground motion components.

Based on the results of multiple regression analyses, it was noted that the intensity measures
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accounting for inelastic period and higher-mode contributions improved the damage
prediction.
(Cantagallo et al., 2012) conducted a correlation study between the peak inter-storey
drift of nine RC three-dimensional structures and different intensity measures, e.g. PGA,

PGV, S T , HI and ASI. This study was conducted using two sets of un-scaled records,

corresponding to two limit states, ultimate and damage limit states. Two intensity measures
related to acceleration response spectra were introduced. The efficiency of S Te  and

S T , corresponding to the cracked and nonlinear structure period, was proved. The results

of the comparison study showed that the dispersion in the deformation demands could be
reduced using these new IMs.

Most of the comparative studies previously conducted have focused on simple intensity
measures derived directly either from the response spectra or ground motions.
(Bojorquez et al., 2012) compared the accuracy of six vector-valued IMs for predicting
the failure probability of four steel structures subjected to narrow-band motions. The first
parameter of the vector used in this study was S T1, while six parameters were used

alternatively for the second component, namely PGA, PGV, t ð , ID (Cosenza and Manfredi,

1970), R ´,´o and N| . ID is defined as the normalisation of Arias Intensity, with respect to

PGA and PGV. The results indicated that the vectors, which account for the spectral shape,

are the most efficient when predicting seismic response in terms of the peak inter-storey drift
and energy-based damage index. Furthermore, it was found that the vector +  T1, N| *

provides more information about the spectral shape than the vector +  T1, R ´,´o *.

Consequently, the vector +  T1, N| * appears to be superior to the other vectors, not only
in predicting the maximum displacement, but also in estimating cumulative damage
(Bojorquez et al., 2012).
Fontara et al. studied the correlation between eight advance IMs and three response
measures, namely the inter-storey drift ratio, the roof drift ratio and the overall damage index
by analysing two multi-storey reinforcement concrete frames, using a set of 33 ground
motion records scaled to three levels of seismic intensity (Fontara et al., 2012). The results
showed a good correlation between selected structure-specific intensity measures and the
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overall damage index, compared with the two EDPs. Thus, the damage index was a proper
engineering demand parameter. It was found that the intensity measures accounting for
spectral shape strongly correlate well with the damage index for all nonlinearity levels and
for both the structures. Meanwhile, intensity measures based on the integration of the velocity
spectrum curve were not found to be appropriate for all response ranges.
The Pacific Earthquake Engineering Research, PEER working group, reviewed the
current available ground motion selection and modification methods, GMSM, for estimating
the median values of response of structures in term of maximum inter-storey drift. Then, they
compared the accuracy of 17 methods for predicting nonlinear structural response (Haselton,
2009, Watson-Lamprey et al., 2008). The responses of five reinforced concrete structures
were evaluated utilising two earthquake scenarios. The results indicated that the methods
accounting for spectral shape, and those incorporating record properties important to
nonlinear response resulted in the smallest dispersion when predicting the median response.
For example, using methods, based on CMS- ε or on S , results in an accurate prediction of
structural response.

7.6 Models and analysis
7.6.1 Structural models
The structures considered in this Chapter are the BF1 and DCF frames. For further
information about the details of these frames, see Chapter 4, Section 4.3.1. The material
properties adopted in the analyses are given in Table 5-2. The seismic response of the frames
considered was evaluated using 2D nonlinear dynamic analyses using Extreme Loading for
Structures software, ELS. The AEM models of these frames were described in Chapter 4,
Section 4.3.1. The time history analyses for the AEM models were carried out by employing
two sets of 40 ground motions, scaled to different levels of seismic intensity. In addition, two
preliminary analyses were carried out in order to obtain the structural parameters required in
many of the scaling methods. Firstly, Eigenvalue analyses were carried out to determine the
dynamic characteristics of the frames related to the first three modes, such as: the periods of
vibration, the modal participation factors, and the modal mass participation ratios. Secondly,
pushover analyses were performed to determine the properties of the frames in terms of yield
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displacement and ultimate strength. These preliminary analyses were performed using the
SAP2000 program (Computers and Structures, 2000).

7.6.2 Eigenvalue analyses
A simple analytical model for each of the planar frames was developed for linear analysis.
With regard to EC8, the values for the bending and shear stiffness of the cracked structural
members were set as equal to half of the stiffness value of the corresponding uncracked
members. Rigid offsets were taken into account in the analytical model, in order to consider
the inter-connection between beams and columns. Table 7-1 lists the dynamic characteristics
of the frames. The dynamic properties of the frames suggest that both frames are first-mode
dominant structures.
Table 7-1: Dynamic characteristics of the frames
BF1 frame

DCF frame

Modal

Mode

Modal mass

Modal

Modal mass

Period participation participation Period participation participation
factors

ratios

factors

ratios

1

0.80

1.38

0.80

0.87

1.36

0.84

2

0.31

-0.52

0.14

0.33

-0.47

0.12

3

0.18

-0.22

0.03

0.18

-0.19

0.02

7.6.3 Nonlinear static analyses
For the DCF frame, a nonlinear static analysis was conducted for both directions of loading
contrary to the BF1 frame. This was done because of the irregularity in the investigated
frame. The two load patterns considered here were a uniform pattern and a modal pattern,
proportional to the first mode shape (Fajfar and M.EERI, 2000). The previously mentioned
analytical models were extended for the pushover analyses. The flexural behaviour of the
frame beams and columns were modelled by using lumped plasticity hinges at both ends.
Initially, each frame was subjected to gravity loads. Then, different horizontal load patterns
229

Chapter 7

Scaling ground motions for seismic collapse assessment of structures

were applied. The results of the nonlinear static analyses of each frames, e.g. the equivalent
mass of the SDOF system, d , the elastic period of the idealised bilinear system,  , the
yield displacement, ij , and the yield strength, Jj , are listed in Table 7-2. The reduction

factor, 8A , was determined for three levels of ground motions. Ground motions were
represented by elastic response spectra with peak ground acceleration corresponding to 0.3 g,

0.45g and 0.6g. The values of 8A , according to the three ground motion levels, are 1, 1.1 and

1.3 for the DCF frame and 1, 1.15 and 1.53 for the BF1 frame, respectively.

Table 7-2: Dynamic characteristics of the frames obtained from pushover analyses
BF1 frame



ij

tons sec

cm

d



ij

tons

sec

cm

Uniform

14

0.78

5.8

0.38g

15

0.83

6.7

0.38g

Modal

14

0.88

6.5

0.34g

15

0.96

7.7

0.34g

Load
Pattern

Jj

DCF frame
d

Jj

The pushover curves representing the relationship between the base shear force and the roof
displacements are shown in Figure 7-2 and 7-3.
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Figure 7-2: Base shear vs. roof displacement relations of the DCF frame under a uniform and
a modal pattern

Figure 7-3: Base shear vs. roof displacement relations of the BF1 frame under a uniform and
a modal pattern
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7.7 Engineering demand parameters
The commonly investigated EDPs are the peak roof drift ratio, PRDR, and the peak interstorey drift ratio, PIDR. The peak roof drift ratio is determined by dividing the peak roof
lateral displacement by the total height of the frame. The peak inter-storey drift ratio is the
peak inter-storey drift, normalised by the corresponding storey height. In addition to these
common EDPs, global damage indices based on the structural dynamic characteristics, such
as the change in the fundamental period, are the main focus of this study. The damage indices
of concern are softening indices and the ultimate stiffness degradation index.
Two inelastic periods were required for calculating the damage indices. The inelastic
periods are the maximum and damage periods, as be obtained from the nonlinear dynamic
analysis. Maximum period, fg , is defined as the peak period during the strong shaking.
Damage period, hf , is that at the transient part of seismic loading.

The ultimate stiffness degradation index, Qk , can be calculated using the initial

fundamental period, T` , and the fundamental period at cycle j as in Equation 7-15
(DiPasquale and Cakmak, 1987).

DT A

´ ^´7
´7

Equation 7-15

Softening indices were developed by Dipasquale and Cakmak using the previously
mentioned fundamental periods. These softening indices are the final, plastic and maximum
softening and denoted as Qk,l , Qk,mn and Qk,f , respectively (DiPasquale and Cakmak, 1987,

DiPasquale and Cakmak, 1989). Qk,l measures the average decrease in the structure stiffness

and Qk,mn separates the dynamic effects from the stiffness degradation. Qk,f is an indicator

that accounts for stiffness softening and nonlinear effects. These indices are expressed as in
Equations 7-16, 7-17 and 7-18.
Qk,l A 1 y ³

7

BCD

Qk,mn A 1 y ³
Qk,f A 1 y

o

Equation 7-16

o

Equation 7-17

¶

BCD

DCE

¶

7

DCE
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The change in the fundamental period of a structure can be easily measured

experimentally, or determined analytically. Qk,f is the best damage index, however it

requires input of information about the time history response. The Qk,l can be easily used for
damage assessment of structures after earthquakes. Damage evolution can be assessed based
on period elongation. Period elongation occurs during earthquakes due to damage
accumulation. The structure stiffness decreases as the damage increases, leading to period
elongation. The period softening results in a structural response that is sensitive to spectral
values evaluated at larger periods than the fundamental period. Thus, the response of a
structure cannot be governed by a single period. Period elongation is a function of structure’s
characteristics, the level of nonlinearity and the parameters of the selected ground motions.

7.8 Ground motion intensity measures
The focus of this study is on scalar intensity measures. In particular, ground motion intensity
measures derived from acceleration response spectra and dependent on the dynamic
characteristics of the selected structure. A number of simple and more complicated scalar
intensity measures, which are multiplicative modifications of   , are therefore selected
as follows:

1. The spectral acceleration evaluated at the fundamental period of the structure,
  .

2. The spectral acceleration evaluated at the effective period of the structure,
S T ,

 ,

S T , .

3. The two-parameter scalar intensity measure developed by Cordova et al (2005) with
B A 0.5 and Ù A 2.

4. The two-parameter scalar intensity measure modified by (Mehanny, 2009) with
B A 0.5 and Ù A √8.

5. The geometric mean of spectral acceleration values over a specific period range,
Ô Ø   Ï … Ï Ô Ø[  7
,  , … , !  A  45555555555555556



Ø A 1, Ø A 2.

` mFÉ!R@ nF^@mC?h
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6. I#$ A S T N$0
b<¤ ´,…., ´= 
b ´ 

7. I A
4

proposed by (Bojorquez and Iervolino, 2011) with N| A

.

´

´ ª S T, ξT
´

^´

« ª


8. I A ´ ª S T, ξ dT.
´

y T  dT.



9. IM# A åΓo å0.8 So T   0.2 So 1.2T æ  Γoo So To æ

`.]

.

10. IM A åΓo å0.4 So T   0.4 So 1.2T   0.2 So 1.6T æ  Γoo So To æ

`.]

.

7.9 Selection of ground motion records
Two sets of 40 ground motions as recorded on ground type A were selected from the
European strong-motion Database (Ambraseys et al., 2002) and the PEER-NGA (Chiou et al.,
2008). These records were taken from more than 27 earthquakes. The ground motion sets
used here have a moment magnitude, M, ranging between 5 and 7.5. The site to source
distance, R, is in a range of 5 to 20 km for the second set, set 2, and 21 to 50 km for the first
set, set 1. The records for the first set represent far-field ground motions, while the second set
consists of near-field records with a distance less than 20 Km. Tables 7-2 and 7-3 list the
selected ground motion records used in this study.
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Table 7-3: Summary of the selected real records for set 1
Waveform

Earthquake

Station

ID

ID

ID

169
193
321
359
383
384
385
471
473
638
646
651
707
765
766
791
798
813
822
826
851
852
873
981
982
990
1900
1917
1960
3802
5027
5028
5038
5078
5085
5086
5090
5655
6115
6335

80
91
153
174
176
176
176
227
228
292
292
291
60
355
292
355
355
350
350
355
363
364
364
72
72
176
658
648
676
1226
1509
1509
1509
1464
1464
1464
1464
1825
2029
2142

ST45
ST64
ST120
ST136
ST153
ST154
ST155
ST40
ST40
ST233
ST234
ST236
ST26
ST266
ST266
ST234
ST233
ST235
ST236
ST236
ST235
ST235
ST233
ST1043
ST309
ST313
ST1323
ST1328
ST1335
ST2368
ST2496
ST2552
ST2495
ST2496
ST2497
ST2556
ST2495
ST2950
ST1320
ST2557

Earthquake Name

Calabria
Montenegro
Campano Lucano
Umbria
Lazio Abruzzo
Lazio Abruzzo
Lazio Abruzzo
Vrancea
Vrancea
Umbria Marche
Umbria Marche
Umbria Marche
Friuli
Umbria Marche
Umbria Marche
Umbria Marche
Umbria Marche
Umbria Marche
Umbria Marche
Umbria Marche
Umbria Marche
Umbria Marche
Umbria Marche
Friuli
Friuli
Lazio Abruzzo
Kalamata
Ierissos
Near NE coast of Rodos
SE of Tirana
Oelfus
Oelfus
Oelfus
Mt. Hengill Area
Mt. Hengill Area
Mt. Hengill Area
Mt. Hengill Area
NE of Banja Luka
Kozani
South Iceland
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Date

1978
1979
1981
1984
1984
1984
1984
1990
1990
1997
1997
1997
1976
1997
1997
1997
1997
1997
1997
1997
1998
1998
1998
1977
1977
1984
1987
1983
1987
1988
1998
1998
1998
1998
1998
1998
1998
1981
1995
2000

Mw

5.2
5.4
5.2
5.6
5.5
5.5
5.5
6.9
6.3
5.6
5.6
5.5
5.3
5.2
5.6
5.2
5.2
5.3
5.3
5.2
5.4
5.1
5.1
5.4
5.4
5.5
5.3
5.1
5.1
5.9
5.1
5.1
5.1
5.4
5.4
5.4
5.4
5.7
6.5
6.4

R

Duration

(km)

(sec)

GH.I^JK.I

10
15
8
17
14
6
15
6
7
17
17
5
8
11
12
18
19
8
5
14
18
11
17
11
9
15
17
15
19
7
18
9
11
18
15
15
18
10
17
15

22.81
11.53
42.41
83.72
18.18
59.84
60.46
24.26
23.59
28.17
28.35
19.99
16.83
19.63
23.32
11.62
17.36
49.92
45
19.99
23.03
23.03
12.56
13.05
16.33
55.57
20.20
16.85
19.67
11.97
22.60
68
70.40
19.09
42.23
12.01
58.88
12.46
29.38
58

12
8
16
18
17
9
25
20
20
14
18
10
7
8
9
10
10
11
14
15
20
8
10
11
9
35
7
7
12
8
10
16
30
12
12
12.01
20
7
14
14
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Table 7-4: Summary of the selected real records for set 2
Waveform

Earthquake

Station

ID

ID

ID

1726
1735
6144
6138
6142
335
7067
6154
6087
6037
5892
5895
1852
1846
1905
7187
7343
352
6059
4557
4560
168
287
292
294
5488
1794
1720
426
1967
429
1863
428
474
1884
1908
7156
7157
7158
55

561
561
559
559
559
158
2284
2028
2028
2028
1932
1932
628
628
628
2322
2366
170
646
1387
1387
80
146
146
146
224
587
349
201
664
204
204
203
229
229
229
2313
2313
2313
34

ST549
ST581
ST1332
ST1330
ST1331
ST121
ST608
ST1333
ST1311
ST1298
ST1306
ST1354
ST1301
ST127
ST126
ST3311
ST87
ST131
ST1307
ST750
ST727
ST44
ST93
ST98
ST100
ST2881
ST65
ST543
ST168
ST1339
ST169
ST1303
ST169
ST123
ST1312
ST126
ST3291
ST3292
ST3293
ST20

Earthquake Name

Adana
Adana
Aigion
Aigion
Aigion
Alkion
Altinsac
Arnaia
Arnaia
Arnaia
Arnissa
Arnissa
Astakos
Astakos
Astakos
Avej
Azores
Biga
Bitola
Bovec
Bovec
Calabria
Campano Lucano
Campano Lucano
Campano Lucano
Chenoua
Cubuklu
Dinar
Dodecanese
Drama
Etolia
Etolia
Etolia
Filippias
Filippias
Filippias
Firuzabad
Firuzabad
Firuzabad
Friuli
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Date

1998
1998
1995
1995
1995
1981
2000
1995
1995
1995
1984
1984
1988
1988
1988
2002
2000
1983
1994
1998
1998
1978
1980
1980
1980
1989
1988
1995
1987
1985
1988
1988
1988
1990
1990
1990
1994
1994
1994
1976

Mw

6.3
6.3
6.5
6.5
6.5
6.3
5.5
5.3
5.3
5.3
5.2
5.2
5.1
5.1
5.1
6.5
5.1
6.1
6.1
5.6
5.6
5.2
6.9
6.9
6.9
5.9
5.5
6.4
5.3
5.2
5.4
5.4
5.3
5.5
5.5
5.5
5.9
5.9
5.9
6.5

R

Duration

(km)

(sec)

GH.I^JK.I

30
39
42
43
43
25
38
28
32
43
21
30
27
34
35
28
39
45
39
25
38
33
23
25
26
29
34
47
26
42
21
21
23
38
43
44
21
22
39
23

29.21
21.70
30
38.41
39.51
28.61
97.03
17
17
17
19.79
20.78
13.19
10.99
14.87
58.88
84.95
19.21
21.75
119.42
36
19.28
72.62
66.50
72.69
12
10.50
25.26
15.72
13.10
9.43
20.50
25.41
16.88
9.65
23.90
43.52
38.39
24.31
36.54

20
21
25
30
30
20
50
6
10
10
11
16
10
10
13
10
25
18
7
25
23
15
50
50
60
5
10
20
13
13
8
13
20
16
8
22
14
15
20
10
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7.10 Methodology
The ground motion records are scaled as a set by constant factors, 1, 2, 3.5 and 5. This means
that, each record in the set is multiplied by a constant factor in order to allow the frame to
experience different levels of nonlinear response.
As can be seen in Tables 7-3 and 7-4, the strong motion duration of each record
considered is the significant duration estimated between 0.5 and 97.5 of the Arias intensity
denoted as GH.I^JK.I, which is calculated with the Seismosignal software (SeismoSoft, 2011).
The records that cause a structure to collapse, or those that lead to only an elastic response in
a frame are not considered when examining the correlation between the IMs and EDPs.
A cloud analysis approach is adopted in this study. In this method, raw ground motion
records without scaling to a common value of the considered IM are used in nonlinear
analyses as described in (Baker and Cornell, 2006b). Then, a regression analysis is performed
on the analytical results, described as point data, to estimate the dispersion in the EDP.
The correlation between the selected intensity measures and the three engineering

demands parameters has been evaluated employing the coefficient of determination, Ro , and

Pearson’s correlation coefficient, ρ, based on a linear regression. The value of Ro is in the

range from 0 to 1. The closer this value is to one, the better is the correlation between the
considered data. Pearson’s correlation coefficient is defined as the square root of the value of
Ro . Thus, the values of ρ are in a range between -1 and +1. The value of ρ reveals the extent

of the linear relationship between the data. The equations for these two indices are Equations
7-19 and 7-20 (Yakut and Yalmaz, 2008):
Ro A
ρA

¦

∑
 L  ^L± 
¦
∑
 L ^L± 

Equation 7-19



 ∑
  L ^∑  ∑ L
¦

¦

¦

¦




¡ê ∑
  ^ ∑   ìê ∑ L ^ ∑ L  ì

Equation 7-20

MmÉ is the value estimated from the linear fitting to the data set, MÉ is the actual value from the

data set, Mf is the mean value, and N is the number of the points in the data set.
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7.11 The results of correlation study
The fifteen ground motion intensity measures investigated in this study were computed for
each record using MATLAB software (MATLAB, 2008 ). These intensity measures were
computed based on elastic response spectra. Tables 7-5 to 7-20 list the correlation coefficient,

Ro , between the engineering demand of concern and the evaluated intensity measures for the

BF1 and DCF frames when subjected to two different sets of ground motions, which were
scaled to four levels of seismic intensity.

7.11.1

G NO  as an intensity measure

In regards to using S T  as an IM, the following observations have been made:
Tables 7-5 to 7-20 show that the spectral acceleration at the fundamental period of the

structure has the strongest correlation with the EDPs, fg , PIDR and PRDR, for both frames
at low seismic intensity levels, a scale factor of 1. It can be shown from Figure 7-4 that the Ro

value is around 0.93 and more than 0.96 at this intensity level for the DCF and BF1 frame
under the ground motion set 1, respectively. This observation indicates that the structure
response is governed by the first-mode period of the structure. This finding is in agreement
with the results obtained from the modal analyses. In response to a scale factor value increase
from 2 to 3.5, the correlation coefficient value for S T  decreases by about 6%. For high

seismic intensity, a scale factor of 5, a weak correlation was observed between S T  and all
the EDPs examined. This is due to the fact that S T  cannot account for the effects of

inelasticity and period elongation.

The highest Ro values for S T  are in the range from 0.91 to 0.98 for both frames at

the intensity factors of 1 and 2. These values have been observed at the two lowest seismic
intensity levels for set 1, far-field ground motions. While for set 2, near field pulse-like

ground motions, the Ro values are in the range from 0.81 to 0.86 at the same seismic intensity

levels and for both frames, as shown in Tables 7-7, 7-8, 7-11 and 7-12. It was found that
S T  appears to be a poor indicator for the near-field pulse-like ground motions.
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Figure 7-4: Relationship between the selected GMI’s and PIDR for the DCF and BF1 frames
subjected to the ground motion set 1, scaled by a factor of 1

Figure 7-5: Relationship between the selected GMI’s and PIDR for the DCF and BF1 frames
subjected to the ground motion set 2, scaled by a factor of 1

Figure 7-6: PIDR of the BF1 frame for each scale factor
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Table 7-5: Correlation coefficients between the selected EDPs of the BF1 frame and the IMs
of concern for the ground motion set 1, scaled by a factor of 1
BF1 frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.94
0.73

hf
0.91
0.72

PIDR PRDR Qk,l
0.98
0.96
0.90
0.79
0.71
0.71

Qk,mn
0.82
0.62

Qk,f
0.95
0.73

0.62

0.64

0.63

0.58

0.61

0.49

0.62

0.87

0.88

0.88

0.85

0.85

0.73

0.88

0.96

0.91

0.98

0.97

0.89

0.86

0.96

0.89

0.97

0.93

0.88

0.84

0.94

0.86

0.85

0.81

0.84

0.68

0.85

0.83
0.93
0.92
0.85
0.91
0.86
0.93
0.92

0.86
0.95
0.96
0.96
0.97
0.96
0.98
0.95

0.81
0.93
0.93
0.92
0.94
0.91
0.96
0.91

0.81
0.92
0.91
0.82
0.90
0.83
0.92
0.90

0.72
0.76
0.78
0.90
0.82
0.89
0.82
0.79

0.84
0.94
0.94
0.92
0.94
0.92
0.96
0.94

0.93
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.84
,  , … , ! , Ø A 1, Ø A 2
0.84
0.92
I#$, Ø A 0.25, Ø A 2
0.93
I#$, Ø A 1, Ø A 2
0.94
I
0.94
Normalised I
0.94
I
0.95
IM#
0.93
IM

Table 7-6: Correlation coefficients between the selected EDPs of the DCF frame and the IMs
of concern for the ground motion set 1, scaled by a factor of 1
DCF frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.92
0.62

hf
0.87
0.52

PIDR PRDR Qk,l
0.93
0.93
0.87
0.55
0.53
0.53

Qk,mn
0.79
0.70

Qk,f
0.91
0.62

0.49

0.41

0.40

0.39

0.43

0.55

0.50

0.82

0.76

0.75

0.76

0.76

0.76

0.81

0.91

0.86

0.92

0.93

0.86

0.77

0.89

0.86

0.91

0.91

0.86

0.79

0.90

0.72

0.73

0.69

0.74

0.81

0.81

0.67
0.85
0.84
0.82
0.84
0.82
0.87
0.80

0.69
0.87
0.86
0.90
0.88
0.88
0.92
0.84

0.68
0.85
0.85
0.90
0.87
0.87
0.91
0.83

0.68
0.86
0.85
0.81
0.86
0.82
0.87
0.81

0.75
0.85
0.83
0.78
0.80
0.81
0.80
0.82

0.75
0.92
0.90
0.87
0.90
0.88
0.91
0.87

0.91
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.81
,  , … , ! , Ø A 1, Ø A 2
0.75
0.93
I#$ , Ø A 0.25, Ø A 2
I#$ , Ø A 1, Ø A 2
0.91
0.88
I
0.90
Normalised I
0.89
I
0.92
IM#
0.88
IM
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Table 7-7: Correlation coefficients between the selected EDPs of the BF1 frame and the IMs
of concern for the ground motion set 2, scaled by a factor of 1
BF1 frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.86
0.70

hf
0.81
0.64

PIDR PRDR Qk,l
0.86
0.84
0.82
0.73
0.68
0.67

Qk,mn
0.79
0.68

Qk,f
0.86
0.71

0.59

0.52

0.62

0.54

0.55

0.62

0.60

0.70

0.64

0.69

0.65

0.66

0.70

0.71

0.90

0.88

0.90

0.89

0.88

0.78

0.90

0.88

0.91

0.90

0.87

0.77

0.90

0.62

0.74

0.58

0.66

0.71

0.71

0.67
0.76
0.77
0.85
0.91
0.86
0.84
0.79

0.74
0.83
0.82
0.92
0.90
0.93
0.91
0.87

0.69
0.74
0.79
0.89
0.93
0.91
0.86
0.82

0.70
0.79
0.80
0.81
0.90
0.82
0.85
0.80

0.71
0.76
0.75
0.79
0.72
0.79
0.80
0.75

0.74
0.83
0.83
0.86
0.90
0.87
0.89
0.84

0.90
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.69
,  , … , ! , Ø A 1, Ø A 2
0.73
0.81
I#$ , Ø A 0.25, Ø A 2
0.82
I#$ , Ø A 1, Ø A 2
0.90
I
0.90
Normalised I
0.90
I
0.89
IM#
0.83
IM

Table 7-8: Correlation coefficients between the selected EDPs of the DCF frame and the IMs
of concern for the ground motion set 2, scaled by a factor of 1
DCF frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.80
0.78

hf
0.81
0.72

PIDR PRDR Qk,l
0.82
0.81
0.78
0.78
0.78
0.68

Qk,mn
0.62
0.71

Qk,f
0.79
0.75

0.79

0.72

0.79

0.79

0.68

0.75

0.76

0.75

0.75

0.76

0.75

0.72

0.60

0.74

0.85

0.86

0.85

0.85

0.84

0.64

0.84

0.88

0.87

0.87

0.85

0.67

0.86

0.79

0.84

0.81

0.75

0.64

0.78

0.79
0.84
0.84
0.79
0.93
0.79
0.85
0.84

0.84
0.86
0.86
0.84
0.91
0.86
0.87
0.88

0.83
0.84
0.85
0.83
0.92
0.84
0.85
0.87

0.76
0.81
0.82
0.74
0.91
0.75
0.82
0.80

0.72
0.64
0.67
0.68
0.72
0.71
0.65
0.74

0.81
0.82
0.84
0.79
0.92
0.80
0.83
0.85

0.87
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.80
,  , … , ! , Ø A 1, Ø A 2
0.83
0.83
I#$ , Ø A 0.25, Ø A 2
0.85
I#$ , Ø A 1, Ø A 2
0.82
I
0.92
Normalised I
0.83
I
0.84
IM#
0.87
IM
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Table 7-9: Correlation coefficients between the selected EDPs of the BF1 frame and the IMs
of concern for the ground motion set 1, scaled by a factor of 2
BF1 frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.90
0.76

hf
0.85
0.74

PIDR PRDR Qk,l
0.90
0.93
0.82
0.83
0.79
0.71

Qk,mn
0.86
0.68

Qk,f
0.87
0.73

0.66

0.66

0.75

0.66

0.64

0.58

0.64

0.85

0.82

0.91

0.86

0.77

0.78

0.81

0.89

0.84

0.91

0.94

0.81

0.87

0.86

0.82

0.92

0.93

0.79

0.86

0.85

0.82

0.91

0.84

0.78

0.78

0.82

0.79
0.89
0.88
0.80
0.86
0.81
0.86
0.85

0.90
0.93
0.93
0.91
0.94
0.92
0.94
0.95

0.85
0.92
0.93
0.93
0.94
0.92
0.93
0.92

0.76
0.86
0.85
0.75
0.83
0.77
0.83
0.82

0.76
0.86
0.85
0.84
0.88
0.84
0.88
0.85

0.79
0.90
0.89
0.81
0.88
0.82
0.88
0.87

0.88
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.84
,  , … , ! , Ø A 1, Ø A 2
0.82
0.91
I#$ , Ø A 0.25, Ø A 2
0.91
I#$ , Ø A 1, Ø A 2
0.86
I
0.90
Normalised I
0.86
I
0.91
IM#
0.89
IM

Table 7-10: Correlation coefficients between the selected EDPs of the DCF frame and the
IMs of concern for the ground motion set 1, scaled by a factor of 2
DCF frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.93
0.76

hf
0.83
0.75

PIDR PRDR Qk,l
0.90
0.94
0.79
0.82
0.71
0.72

Qk,mn
0.89
0.69

Qk,f
0.89
0.76

0.64

0.67

0.72

0.58

0.64

0.54

0.65

0.87

0.82

0.92

0.86

0.77

0.79

0.84

0.93

0.83

0.90

0.95

0.79

0.89

0.89

0.85

0.90

0.95

0.81

0.88

0.90

0.81

0.87

0.80

0.78

0.78

0.84

0.82
0.88
0.89
0.82
0.88
0.83
0.85
0.88

0.89
0.91
0.93
0.92
0.91
0.91
0.91
0.94

0.82
0.90
0.92
0.94
0.91
0.90
0.94
0.92

0.78
0.85
0.86
0.77
0.84
0.78
0.81
0.84

0.76
0.86
0.86
0.88
0.85
0.84
0.89
0.87

0.84
0.92
0.93
0.87
0.91
0.86
0.91
0.92

0.94
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.84
,  , … , ! , Ø A 1, Ø A 2
0.85
0.93
I#$ , Ø A 0.25, Ø A 2
0.94
I#$ , Ø A 1, Ø A 2
0.92
I
0.92
Normalised I
0.90
I
0.94
IM#
0.94
IM
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Table 7-11: Correlation coefficients between the selected EDPs of the BF1 frame and the IMs
of concern for the ground motion set 2, scaled by a factor of 2
BF1 frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.79
0.66

hf
0.80
0.73

PIDR PRDR Qk,l
0.84
0.86
0.77
0.78
0.74
0.68

Qk,mn
0.44
0.29

Qk,f
0.76
0.63

0.73

0.76

0.84

0.84

0.71

0.36

0.69

0.80

0.76

0.83

0.82

0.74

0.54

0.78

0.82

0.79

0.83

0.86

0.78

0.53

0.80

0.83

0.87

0.90

0.80

0.50

0.81

0.77

0.83

0.78

0.70

0.28

0.65

0.82
0.84
0.85
0.79
0.86
0.80
0.84
0.85

0.89
0.88
0.89
0.86
0.90
0.87
0.89
0.91

0.88
0.85
0.89
0.89
0.92
0.89
0.89
0.90

0.78
0.80
0.83
0.74
0.84
0.73
0.80
0.80

0.44
0.42
0.49
0.37
0.51
0.33
0.43
0.39

0.77
0.78
0.83
0.72
0.84
0.69
0.78
0.77

0.84
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.68
,  , … , ! , Ø A 1, Ø A 2
0.81
0.81
I#$ , Ø A 0.25, Ø A 2
0.85
I#$ , Ø A 1, Ø A 2
0.76
I
0.87
Normalised I
0.74
I
0.81
IM#
0.80
IM

Table 7-12: Correlation coefficients between the selected EDPs of the DCF frame and the
IMs of concern for the ground motion set 2, scaled by a factor of 2
DCF frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.86
0.70

hf
0.81
0.64

PIDR PRDR Qk,l
0.86
0.84
0.82
0.73
0.68
0.67

Qk,mn
0.79
0.68

Qk,f
0.86
0.71

0.59

0.52

0.62

0.54

0.55

0.62

0.60

0.70

0.64

0.69

0.65

0.66

0.70

0.71

0.90

0.88

0.90

0.89

0.88

0.78

0.90

0.88

0.91

0.90

0.87

0.77

0.90

0.62

0.74

0.58

0.66

0.71

0.71

0.67
0.76
0.77
0.85
0.91
0.86
0.84
0.79

0.74
0.83
0.82
0.92
0.90
0.93
0.91
0.87

0.69
0.74
0.79
0.89
0.93
0.91
0.86
0.82

0.70
0.79
0.80
0.81
0.90
0.82
0.85
0.80

0.71
0.76
0.75
0.79
0.72
0.79
0.80
0.75

0.74
0.83
0.83
0.86
0.90
0.87
0.89
0.84

0.90
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.69
,  , … , ! , Ø A 1, Ø A 2
0.73
0.81
I#$ , Ø A 0.25, Ø A 2
0.82
I#$ , Ø A 1, Ø A 2
0.90
I
0.90
Normalised I
0.90
I
0.89
IM#
0.83
IM
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Table 7-13: Correlation coefficients between the selected EDPs of the BF1 frame and the IMs
of concern for the ground motion set 1, scaled by a factor of 3.5
BF1 frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.82
0.71

hf
0.59
0.57

PIDR PRDR Qk,l
0.85
0.91
0.61
0.84
0.83
0.57

Qk,mn
0.21
0.14

Qk,f
0.76
0.65

0.65

0.51

0.81

0.73

0.52

0.13

0.59

0.77

0.56

0.93

0.91

0.57

0.19

0.70

0.83

0.60

0.88

0.93

0.61

0.21

0.76

0.60

0.87

0.94

0.61

0.19

0.74

0.60

0.89

0.89

0.61

0.16

0.71

0.58
0.63
0.63
0.59
0.62
0.59
0.61
0.63

0.92
0.89
0.91
0.92
0.93
0.92
0.88
0.93

0.90
0.93
0.94
0.95
0.94
0.91
0.93
0.95

0.59
0.66
0.65
0.59
0.64
0.59
0.63
0.64

0.17
0.21
0.21
0.19
0.20
0.18
0.21
0.20

0.70
0.80
0.79
0.72
0.77
0.71
0.78
0.78

0.81
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.77
,  , … , ! , Ø A 1, Ø A 2
0.77
0.86
I#$ , Ø A 0.25, Ø A 2
0.86
I#$ , Ø A 1, Ø A 2
0.80
I
0.84
Normalised I
0.78
I
0.84
IM#
0.85
IM

Table 7-14: Correlation coefficients between the selected EDPs of the DCF frame and the
IMs of concern for the ground motion set 1, scaled by a factor of 3.5
DCF frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.84
0.84

hf
0.73
0.74

PIDR PRDR Qk,l
0.84
0.85
0.69
0.91
0.91
0.70

Qk,mn
0.73
0.73

Qk,f
0.78
0.79

0.73

0.58

0.84

0.84

0.56

0.71

0.69

0.85

0.70

0.93

0.92

0.66

0.78

0.79

0.84

0.73

0.85

0.85

0.68

0.73

0.78

0.76

0.86

0.87

0.71

0.74

0.80

0.74

0.91

0.91

0.70

0.76

0.81

0.75
0.80
0.81
0.76
0.82
0.75
0.75
0.80

0.95
0.91
0.94
0.93
0.95
0.95
0.87
0.95

0.96
0.91
0.94
0.93
0.95
0.94
0.87
0.95

0.71
0.76
0.77
0.70
0.78
0.70
0.71
0.75

0.79
0.79
0.80
0.76
0.80
0.77
0.76
0.81

0.82
0.86
0.87
0.81
0.87
0.81
0.81
0.86

0.86
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.85
,  , … , ! , Ø A 1, Ø A 2
0.88
0.90
I#$ , Ø A 0.25, Ø A 2
0.92
I#$ , Ø A 1, Ø A 2
0.87
I
0.92
Normalised I
0.88
I
0.86
IM#
0.92
IM
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Table 7-15: Correlation coefficients between the selected EDPs of the BF1 frame and the IMs
of concern for the ground motion set 2, scaled by a factor of 3.5
BF1 frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.71
0.74

hf
0.65
0.73

PIDR PRDR Qk,l
0.82
0.83
0.59
0.85
0.87
0.64

Qk,mn
0.56
0.50

Qk,f
0.64
0.66

0.68

0.64

0.82

0.82

0.57

0.48

0.59

0.76

0.63

0.89

0.88

0.56

0.61

0.64

0.73

0.66

0.83

0.85

0.59

0.57

0.64

0.68

0.82

0.85

0.62

0.54

0.65

0.61

0.77

0.75

0.54

0.42

0.55

0.72
0.71
0.75
0.55
0.71
0.58
0.67
0.70

0.91
0.85
0.90
0.76
0.82
0.79
0.80
0.84

0.92
0.84
0.90
0.80
0.86
0.83
0.84
0.87

0.64
0.65
0.68
0.48
0.65
0.50
0.61
0.63

0.58
0.55
0.62
0.45
0.58
0.47
0.54
0.55

0.68
0.68
0.73
0.52
0.69
0.54
0.65
0.66

0.72
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.61
,  , … , ! , Ø A 1, Ø A 2
0.78
0.74
I#$ , Ø A 0.25, Ø A 2
0.80
I#$ , Ø A 1, Ø A 2
0.61
I
0.75
Normalised I
0.64
I
0.70
IM#
0.73
IM

Table 7-16: Correlation coefficients between the selected EDPs of the DCF frame and the
IMs of concern for the ground motion set 2, scaled by a factor of 3.5
DCF frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.87
0.81

hf
0.72
0.72

PIDR PRDR Qk,l
0.88
0.85
0.67
0.84
0.85
0.66

Qk,mn
0.82
0.72

Qk,f
0.80
0.74

0.83

0.73

0.87

0.87

0.65

0.74

0.75

0.83

0.68

0.84

0.83

0.64

0.80

0.77

0.87

0.74

0.88

0.87

0.70

0.84

0.83

0.76

0.90

0.90

0.72

0.85

0.84

0.77

0.86

0.78

0.68

0.69

0.74

0.78
0.79
0.79
0.73
0.84
0.75
0.81
0.80

0.90
0.90
0.90
0.92
0.90
0.93
0.93
0.93

0.91
0.85
0.90
0.91
0.94
0.92
0.92
0.93

0.72
0.73
0.74
0.66
0.79
0.66
0.74
0.73

0.81
0.80
0.84
0.82
0.84
0.80
0.84
0.81

0.82
0.82
0.85
0.79
0.87
0.79
0.85
0.83

0.90
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.83
,  , … , ! , Ø A 1, Ø A 2
0.88
0.89
I#$ , Ø A 0.25, Ø A 2
0.90
I#$ , Ø A 1, Ø A 2
0.89
I
0.91
Normalised I
0.89
I
0.92
IM#
0.90
IM
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Table 7-17: Correlation coefficients between the selected EDPs of the BF1 frame and the IMs
of concern for the ground motion set 1, scaled by a factor of 5
BF1 frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.76
0.83

hf
0.67
0.69

PIDR PRDR Qk,l
0.83
0.85
0.60
0.82
0.90
0.64

Qk,mn
0.62
0.64

Qk,f
0.71
0.75

0.78

0.67

0.73

0.85

0.61

0.58

0.70

0.83

0.70

0.87

0.93

0.63

0.66

0.75

0.79

0.71

0.86

0.88

0.62

0.61

0.72

0.71

0.85

0.89

0.63

0.62

0.73

0.66

0.82

0.90

0.62

0.64

0.74

0.73
0.70
0.74
0.70
0.74
0.68
0.69
0.74

0.87
0.84
0.87
0.88
0.87
0.86
0.84
0.87

0.95
0.90
0.93
0.91
0.94
0.92
0.88
0.94

0.67
0.66
0.68
0.61
0.67
0.61
0.63
0.68

0.66
0.68
0.69
0.63
0.69
0.67
0.64
0.67

0.78
0.78
0.80
0.72
0.79
0.74
0.74
0.79

0.80
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.79
,  , … , ! , Ø A 1, Ø A 2
0.86
0.81
I#$ , Ø A 0.25, Ø A 2
0.85
I#$ , Ø A 1, Ø A 2
0.81
I
0.86
Normalised I
0.83
I
0.80
IM#
0.85
IM

Table 7-18: Correlation coefficients between the selected EDPs of the DCF frame and the
IMs of concern for the ground motion set 1, scaled by a factor of 5
DCF frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.83
0.87

hf
0.78
0.83

PIDR PRDR Qk,l
0.82
0.84
0.73
0.92
0.91
0.77

Qk,mn
0.73
0.73

Qk,f
0.80
0.83

0.83

0.77

0.87

0.88

0.70

0.71

0.78

0.91

0.83

0.92

0.95

0.76

0.80

0.85

0.84

0.78

0.82

0.85

0.73

0.73

0.80

0.79

0.84

0.87

0.74

0.76

0.82

0.81

0.91

0.92

0.76

0.78

0.85

0.85
0.84
0.86
0.83
0.87
0.84
0.79
0.85

0.95
0.90
0.92
0.93
0.95
0.95
0.84
0.92

0.96
0.91
0.94
0.94
0.96
0.96
0.87
0.94

0.78
0.80
0.82
0.76
0.82
0.77
0.75
0.79

0.81
0.78
0.80
0.78
0.81
0.77
0.76
0.81

0.88
0.87
0.89
0.85
0.90
0.85
0.82
0.88

0.85
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.88
,  , … , ! , Ø A 1, Ø A 2
0.93
0.88
I#$ , Ø A 0.25, Ø A 2
0.91
I#$ , Ø A 1, Ø A 2
0.91
I
0.93
Normalised I
0.91
I
0.86
IM#
0.92
IM
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Table 7-19: Correlation coefficients between the selected EDPs of the BF1 frame and the IMs
of concern for the ground motion set 2, scaled by a factor of 5
BF1 frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.69
0.70

hf
0.48
0.49

PIDR PRDR Qk,l
0.78
0.73
0.50
0.85
0.86
0.51

Qk,mn
0.19
0.18

Qk,f
0.65
0.64

0.64

0.39

0.71

0.73

0.44

0.20

0.60

0.76

0.42

0.80

0.77

0.47

0.26

0.71

0.66

0.50

0.78

0.75

0.49

0.16

0.61

0.51

0.81

0.80

0.50

0.15

0.60

0.44

0.78

0.64

0.50

0.23

0.68

0.50
0.51
0.53
0.51
0.56
0.54
0.51
0.53

0.88
0.85
0.88
0.81
0.87
0.88
0.79
0.85

0.89
0.75
0.85
0.80
0.89
0.88
0.72
0.82

0.53
0.56
0.57
0.49
0.57
0.54
0.51
0.53

0.22
0.25
0.23
0.14
0.18
0.17
0.17
0.18

0.71
0.76
0.75
0.57
0.69
0.65
0.63
0.65

0.66
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.71
,  , … , ! , Ø A 1, Ø A 2
0.77
0.79
I#$ , Ø A 0.25, Ø A 2
0.81
I#$ , Ø A 1, Ø A 2
0.64
I
0.76
Normalised I
0.72
I
0.67
IM#
0.70
IM

Table 7-20: Correlation coefficients between the selected EDPs of the DCF frame and the
IMs of concern for the ground motion set 2, scaled by a factor of 5
DCF frame
S T ,

 

  

S T , 
S, , B A 0.5 and Ù A 2

S, , B A 0.5 and Ù A ?8

fg
0.68
0.60

hf
0.57
0.77

PIDR PRDR Qk,l
0.84
0.83
0.56
0.68
0.74
0.71

Qk,mn
0.24
0.05

Qk,f
0.63
0.57

0.60

0.68

0.70

0.75

0.63

0.08

0.55

0.64

0.64

0.77

0.79

0.60

0.14

0.59

0.66

0.55

0.83

0.83

0.54

0.24

0.62

0.59

0.85

0.87

0.59

0.24

0.65

0.68

0.81

0.71

0.65

0.17

0.65

0.72
0.68
0.69
0.65
0.72
0.71
0.61
0.72

0.80
0.88
0.86
0.84
0.83
0.82
0.88
0.86

0.85
0.82
0.88
0.88
0.89
0.86
0.85
0.87

0.67
0.66
0.66
0.62
0.69
0.67
0.60
0.69

0.12
0.22
0.19
0.17
0.15
0.12
0.26
0.16

0.63
0.70
0.68
0.62
0.67
0.62
0.68
0.67

0.69
S, , B A 0.5 and Ù A ?8o
,  , … , ! , Ø A 0.25, Ø A 2 0.70
,  , … , ! , Ø A 1, Ø A 2
0.67
0.74
I#$ , Ø A 0.25, Ø A 2
0.72
I#$ , Ø A 1, Ø A 2
0.68
I
0.71
Normalised I
0.67
I
0.73
IM#
0.72
IM
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A comparison between the values of the correlation coefficient for S T and the

response parameters of each frame, as listed in Tables 7-5 to 7-12, shows that S T  for the

regular frame has a stronger correlation than S T  for the irregular frame at all seismic
intensity levels.

In general, it was found that spectral acceleration at the fundamental period of the
structure is an efficient intensity measure for mid-rise structures response almost elastically

and subjected to far-field ground motions. In addition, S T  is often a better intensity

measure for regular structures than irregular structures. These findings are in agreement with
the findings of (Shome, 1999, Luco and Cornell, 2007).

7.11.2

G N ,PQRSTUV  GQW G N ,VTWGX  as intensity measures

In regards to using intensity measures based on the spectral acceleration values at periods
different from the first-mode elastic period of the structure, the following observations have
been made:

These IMs do not correlate better with the PIDR and PRDR than    in most cases.

The strongest correlation between S T ,

 

and the EDPs was observed for the DCF

frames under ground motion set 1, scaled by a factor of 3.5 and 5. This could be due to the
response of both frames under the different scaled ground motion sets varying within each
case. The two selected frames experienced various degree of response, ranging from linear to
highly nonlinear in each case. The elastic periods under seismic loads were increased and
lengthened depending on the seismic intensity level. For example, for both frames under the

two selected sets, the ratio of T/ to T is in the range from 1 to 1.4, from 1.05 to 1.5, from

1.1 to 1.7 and from 1.15 to 2 for the seismic scale factor of 1, 2, 3.5 and 5, respectively. If the

IM is based on a single period, which is dominant in the range of response, a strong
correlation will be found, as shown in Tables 7-14 and 7-18. Otherwise, a weak correlation
will be observed between the scalar IM and the EDPs examined.
Based on the results of the study, it can be concluded that using a scalar intensity
measure, which is based on a single period value, is not recommended for seismic
assessment, because developing fragility curves requires increasingly scaling ground motions
and tracing structural response from a linear range to collapse.
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G,YTUWTZG and G,YTUWTZG modified by Mehanny as intensity

7.11.3

measures
In regards to using the IMs introduced by Cordova et al and those improved by the
modification of Ù as suggested by Mehanny, observations can be summarised as follows:

From Tables 7-5 to 7-20, it was found that using the above mentioned intensity

measures accounting for period elongation, S, , can lead to better correlations between
the IM evaluated and the selected EDPs, especially when the structure response is in the high
nonlinear range. Using S, with B A 0.5 and Ù A 2 as an IM may lead to a slightly

weaker correlation for low nonlinearity. For a scale factor of 1, the largest value for fg /

is 1.5. Thus, using a combination of    and  2  does not result in better correlation

between this evaluated IM and the response parameters of concern at the intensity level
corresponding to scale factor of 1. It reduces the values of Ro by a ratio of 0.8-0.9. On

contrary, the Ro values increase by a ratio up to 1.09 when the improved intensity measure is
applied, S, with B A 0.5 and Ù A ?R . The modification for Ù, which was proposed
by Mehanny, enhances the correlation in both the linear and nonlinear ranges for both ground
motion sets.

7.11.4

[\,\]^ _O , … , _`  and abc as intensity measures

As can be observed by comparing the Ro values for ,  , … , !  with Ø A 0.25, Ø A

2 and ,  , … , !  with Ø A 1, Ø A 2 for all cases, the later IM appears to be

relatively better than the former IM. Employing Ø A 1 in computing , leads to a higher

correlation with PIDR and PRDR than when using Ø A 0.25. This means the effect of

higher-mode contributions on the structural response is not dominant in both frames under
the two sets. Similarly, I#$ , computed by utilising Ø A 1, appears to be a better ground

motion indictor than that calculated based on Ø A 0.25. This is in agreement with the

finding of (Yahyaabadi and Tehranizadeh, 2011). They found, based on a statistical study for

determining the optimal combination of the spectral values at different periods of structures,
that higher mode contributions can be neglected in short period structures; of up to six

storeys. Moreover, it was observed that I#$ better correlates with the PIDR and PRDR than
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, computed using the same Ø value. With regard to the results of the correlation study,

presented in Tables 7-5 to 7-20, it was found that I#$ , computed by utilising Ø A 1, tends to

be better than the first ten IMs, discussed earlier. This intensity measure has a strong
correlation at almost all intensity levels for both frames under the two ground motion sets.
Even at a very low intensity level, I#$ highly correlates with the PIDR and PRDR of the BF1

frame. However, a slight decrease in Ro values for I#$ has only been observed in the DCF
frame at the seismic intensity factor of 1.

7.11.5

aG , aGV and the normalised aG as intensity measures

In regards to the IMs, based on the integration of the curve of the pseudo-acceleration

response spectrum in a specific period range between ` and l , the following observations
have been made:

The determination coefficients of I , I and the normalised I , summarised in Tables

7-5 to 7-20, show that there is no clear trend to indicate which of the three intensity measures
has the strongest correlation with the PIDR and PRDR for both frames subjected to the
ground motion set 1 at the four intensity levels. However, it has been observed that the
normalised I , which accounts for the structure strength, has the strongest correlation with the

PIDR and PRDR for both frames under the near-field ground motion set at four intensity
levels.
The results of the comparison between the Ro values for the intensity measures, I , I

and the normalised I , and those for other intensity measures reveal that these IMs have a

strong correlation with the PIDR and PRDR for all cases. One exception is the DCF frame
under un-scaled far-field ground motions. In this case, the efficiency of the IMs is less than
that of the spectral acceleration at the fundamental period of the structure.
The determination coefficients of I , I and the normalised I were recalculated using

two different periods, from l . The two utilised periods were fg and hf , which were

obtained from the AEM analyses. Tables 7-21 and 7-24 summarise the Ro values for the three

recalculated IMs and the PIDR and PRDR for both frames under two ground motion sets.
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Table 7-21: Correlation coefficients between the PIDR and PRDR of the BF1 frame and
I , I and the normalised I for the ground motion set 1
BF1 frame subjected to
ground motion set 1

fg
hf

Scale factor of

Scale factor of

Scale factor of

Scale factor of

1

2

3.5

5

PIDR

PRDR

PIDR

PRDR

PIDR

PRDR

PIDR

PRDR

0.96

0.92

0.91

0.93

0.92

0.95

0.88

0.91

I

0.97

0.94

0.94

0.94

0.93

0.94

0.87

0.94

0.96

0.91

0.92

0.92

0.92

0.91

0.86

0.92

0.92

0.88

0.93

0.95

0.94

0.97

0.92

0.96

I

0.96

0.93

0.91

0.90

0.91

0.95

0.81

0.92

0.93

0.89

0.94

0.94

0.94

0.95

0.85

0.94

0.94

0.92

0.92

0.95

0.90

0.95

0.92

0.94

I

0.98

0.95

0.91

0.92

0.89

0.95

0.80

0.88

0.95

0.91

0.95

0.92

0.93

0.95

0.87

0.94

I

Normalised I
I

Normalised I
I

Normalised I

Table 7-22: Correlation coefficients between the PIDR and PRDR of the BF1 frame and
I , I and the normalised I for the ground motion set 2
BF1 frame subjected to
ground motion set 2

fg
hf

Scale factor of

Scale factor of

Scale factor of

Scale factor of

1

2

3.5

5

PIDR

PRDR

PIDR

PRDR

PIDR

PRDR

PIDR

PRDR

0.92

0.89

0.80

0.83

0.76

0.80

0.81

0.80

I

0.90

0.93

0.87

0.92

0.82

0.86

0.87

0.89

0.93

0.91

0.83

0.87

0.79

0.83

0.88

0.88

0.93

0.90

0.90

0.92

0.91

0.94

0.89

0.91

I

0.90

0.91

0.85

0.89

0.88

0.91

0.87

0.89

0.95

0.90

0.92

0.93

0.92

0.94

0.92

0.95

0.87

0.89

0.87

0.90

0.85

0.89

0.75

0.77

I

0.90

0.93

0.82

0.88

0.80

0.84

0.84

0.84

0.86

0.90

0.87

0.91

0.86

0.89

0.82

0.84

I

Normalised I
I

Normalised I
I

Normalised I
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Table 7-23: Correlation coefficients between the PIDR and PRDR of the DCF frame and
I , I and the normalised I for the ground motion set 1
DCF frame subjected to
ground motion set 1

fg
hf

Scale factor of

Scale factor of

Scale factor of

Scale factor of

1

2

3.5

5

PIDR

PRDR

PIDR

PRDR

PIDR

PRDR

PIDR

PRDR

0.90

0.90

0.92

0.94

0.93

0.93

0.93

0.94

I

0.88

0.87

0.91

0.91

0.95

0.95

0.95

0.96

0.88

0.87

0.91

0.90

0.95

0.94

0.95

0.96

0.92

0.93

0.92

0.95

0.95

0.95

0.94

0.96

I

0.88

0.88

0.89

0.91

0.92

0.94

0.92

0.93

0.91

0.91

0.92

0.93

0.96

0.96

0.94

0.95

0.93

0.95

0.93

0.96

0.88

0.88

0.92

0.93

I

0.88

0.88

0.90

0.95

0.90

0.91

0.89

0.91

0.84

0.83

0.94

0.92

0.95

0.95

0.92

0.94

I

Normalised I
I

Normalised I
I

Normalised I

Table 7-24: Correlation coefficients between the PIDR and PRDR of the DCF frame and
I , I and the normalised I for the ground motion set 2
DCF frame subjected to
ground motion set 2

fg
hf

Scale factor of

Scale factor of

Scale factor of

Scale factor of

1

2

3.5

5

PIDR

PRDR

PIDR

PRDR

PIDR

PRDR

PIDR

PRDR

0.84

0.83

0.86

0.89

0.92

0.91

0.84

0.88

I

0.91

0.92

0.90

0.92

0.90

0.94

0.83

0.89

0.86

0.84

0.87

0.89

0.93

0.92

0.82

0.86

0.93

0.92

0.94

0.96

0.95

0.93

0.89

0.91

I

0.89

0.90

0.88

0.91

0.89

0.94

0.82

0.88

0.93

0.92

0.94

0.95

0.94

0.92

0.85

0.89

0.93

0.92

0.91

0.92

0.93

0.94

0.83

0.86

I

0.89

0.89

0.87

0.90

0.89

0.92

0.81

0.87

0.94

0.94

0.90

0.91

0.91

0.92

0.80

0.84

I

Normalised I
I

Normalised I
I

Normalised I
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A comparison between the Ro values for the intensity measures, namely I , I and the

normalised I , which have been calculated using three different value for l , shows that the

three intensity measures are sensitive to the choice of l . Employing the maximum period of

the structure when determining these three intensity measures results in a better correlation
with the EDPs than utilising the estimated l . In contrast, weaker correlations were found

when the hf was employed. l cannot be determined accurately before analysis.
Simplifying methods for predicting the period elongation may lead to inaccurate estimates.

7.11.6

adbY and adY as intensity measures

Regarding those intensity measures that rely on optimal combinations of spectral
displacement values at different structure periods, elastic and inelastic periods, it was found
that:
IM# appears to correlate well with the PIDR and PRDR for both frames under the far-

field ground motions, as scaled by a factor of 1 and 2. The efficiency of this intensity
decreases at high intensity levels. IM has a stronger correlation with the EDPs than IM# in
the highly nonlinear range of response.

The results of the investigation study summarised in Tables 7-5 to 7-20 revealed there
is no intensity measure to highly correlate with the peak inter-storey drift ratio, the peak roof
displacement drift and the maximum structure period for both frames under the two ground
motion sets scaled to the four seismic intensity levels, in all sixteen cases studied. It was
found that the level of nonlinearity, the type of structure, and the properties of the employed
ground motion records are the key parameters affecting the efficiency of the scaling method.
In summary, it can be concluded when comparing the Ro values for all the investigated

ground motion intensity measures that the I#$ determined without considering the higher-

mode contributions trend to be the best intensity measure for mid-rise structures subjected to
far-and near-field ground motions, followed by I , calculated utilising the maximum period of

the structure and then the intensity measures proposed by (Yahyaabadi and Tehranizadeh,

2011), IM# for non-collapse cases and IM for near collapse and collapse cases. IM# and
IM reflect the effects of period elongation by considering an optimal combination of
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spectral values over elastic and inelastic periods. However, the efficiency of these two
intensity measures is not very high for near-field ground motions.
The efficiency of the fifteen IMs investigated is higher for far-field ground motions
than that for near-field ground motions.

7.11.7

NVGe and NWGV as EDPs

It is worth noting that the efficiency of the scaling methods may differ according to the
response of concern. It has been concluded that the elastic spectral shape and the inelastic
spectral displacement have a strong impact on the maximum inter-storey drift. While the peak
ground acceleration strongly affects the structure response in terms of peak floor acceleration
(Krawinkler, 2005). In general, the results show that the intensity measures, which correlate

well with the PIDR and PRDR, have a good correlation with the T/ . However, the

efficiency of the IMs examined for T/ is less than for the PIDR and PRDR of the BF1
frame at high intensity levels. I appears to be a better predictor for structural damage in
terms of period softening, compared to the other fourteen examined IMs. Thus, it is better to
estimate the elongation period of the structure based on I rather than on only S T .

One of the important observations from this study is that the maximum period, T/ ,

can be a good Engineering Demand Parameter when compared to the common EDPs, the

maximum storey drifts and the maximum roof displacement drifts. T/ correlates well with

ground motion intensity measures for the first three seismic levels. The correlation coefficient
for T/ is relatively low at high seismic intensities, especially for near-field ground motions.

The largest value of Ro for the BF1 frame under set 2 scaled by a factor of 5 is 0.81.

The results indicate that the correlations between T/ and the IMs of concern are often

better than those between T and the IMs for both frames at the four seismic intensity scale

factors and for both ground motion sets. The Damage period, T , is not an appropriate

EDP, especially in nonlinear range. The results show that it has the weakest correlation with
the intensity measures. As the seismic intensity scale factor increases, the Ro for T

decreases.
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It also has been noted that the global damage indices, Qk,l , Qk,mn and Qk,f , which are

based on T/ and/or T , often have weak correlations with the IMs for almost all cases.

7.12 Conclusions
The conclusions here are subjected to the assumptions and limitation of the modelling
approach. From the correlation studies between different intensity measures and a number of
engineering demand parameters, it was found that:
•

The spectral acceleration at the fundamental period of the structure is an efficient
intensity measure for mid-rise structures subjected to far-field ground motions at low
and/or moderate seismic intensity levels.

•
•

S T  is a better intensity measure for regular structures than for irregular structures.

A scalar intensity measure, which is based on a single spectral value, cannot be
efficient at all seismic intensity levels due to the period elongation.

•

The efficiency of the intensity measures, which are based on a combination of two
spectral values, is better than those based on a single period.

•

The effect of higher mode contributions can be neglected in mid-rise structures.

•

The maximum period of the structure appears to be a good damage predictor prior to
near collapse.

•

The damage period of the structure does not correlate well with the IMs examined,

•

The damage indices, Qk,l , Qk,mn and Qk,f , of the structure do not have good

compared to T/ , PIDR and PRDR.

correlation with the IMs examined.
•

The efficiency of scaling methods may differ according to engineering demand
parameters of concern.

•

The key factors affecting the efficiency of intensity measures are structure type,
ground motion properties and seismic intensity level.

•

The intensity measures that consider the spectral shape are the most efficient.

•

The most appropriate intensity measures for utilisation in scaling ground motions for

the seismic assessment of mid-rise structures tend to be I#$ , computed without

considering the higher-mode contributions.
255

Chapter 7
•

Scaling ground motions for seismic collapse assessment of structures

The efficiency of the fifteen investigated IMs is higher for far-field ground motions
than for near-field ground motions.

•

The efficiency of the intensity measure, namely I , I and the normalised I , is
sensitive to the accuracy of the estimate for the elongation period, l .
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8.1 Introduction
This study mainly focused on assessing the behaviour of RC bare multi-storey frame
structures, designed according to EC8, when subjected to seismic loads using the Applied
Element Method for direct collapse simulation. Emphasis has placed on various aspects of the
collapse process; such as the time at incipient collapse, possible failure modes, and collapse
probability.
The aim of this research is to lead to a better understanding of the collapse behaviour
of RC frame structures and those key factors that affect it. Knowing the most important
parameters that should be considered in the seismic collapse analysis can result in more
accurate analysis.
The research has involved a literature review, a summary of the AEM, validation of the
AEM models, an investigation of the effect of modelling uncertainties on the collapse
response, an investigation of the effect of inclusion of the vertical ground motions on the
collapse process, an investigation of the correlation between different intensity measures
based on spectral values and four engineering demand parameters, particularly the maximum
and damage periods.
This chapter summarises the most important conclusions drawn based on the different
tasks and also presents recommendations for further studies. All conclusions presented in this
chapter are subjected to the assumptions and limitation of the modelling approach.

8.2 Summary of conclusions
From the background study of the AEM and from the validation study, the following
conclusions were reached:
1. The storey displacement histories, obtained from the AEM analyses of the full-scale
two-storey one-bay RC frame structure previously shaking-table tested were found to
be in good agreement with those obtained from experimental results for low and
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moderate seismic intensity levels. While a reasonable agreement has found for high
seismic intensity levels.
2. The storey displacement histories obtained from the AEM analyses of the two sixstorey RC frame structures, designed according to EC8, are in reasonable agreement
with those obtained from experimental results for all different seismic intensity levels.
3. The AEM is not a very accurate method for modelling existing structures, which
involve joint shear failure, due to the simple techniques adopted for shear modelling.
From the sensitivity studies concerning the effect of randomness in material properties
on the time at onset collapse, and the corresponding failure mechanism of the BF1 and DCF
frames, it was found that:
1. The order of importance of random variables may change depending on the structural
system, the correlation type between random variables, the possible collapse modes
and the seismic intensity level.
2. Seismic intensity is one of the key factors governing the collapse process.
3. The most important variables are those that can change the collapse process and lead
either to more uniform damage distribution, with a larger number of structural
members involved in the collapse mechanism or to more damage localisation and a
single storey mechanism.
4. Different failure modes including vertical, side-sway and pancake collapse modes
were predicted depending on the uncertainty in the selected variables and the
correlation between them.
5. Ignoring the secondary effects, impact between different elements and force
redistribution following the element separation, can lead to unsafe collapse
predictions, due to neglect of some of the possible failure modes.
The following conclusions were drawn based on study emphases on the effect of
considering the ground motion vertical component on the collapse probabilities and possible
failure modes:
1. Vertical ground motion often influences both collapse probability and failure modes
of RC frame structures, designed according to EC8. Therefore, ignoring the effect of
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vertical ground motion in a collapse assessment of modern RC frame structures can
lead to unsafe predictions, especially for irregular frame structures.
2. The collapse probability of frame structures subjected to horizontal and vertical
ground motion components combined may increase or decrease according to the
overall structural system ductility, the characteristics of both vertical and horizontal
components of each record and the intensity level of both components.
3. The Irregular Frame structure, with discontinuous column at the first storey, is more
likely to be sensitive to the inclusion of vertical ground motion compared to the
regular frame structure, BF1.
4. The collapse capacity of the DCF frame decreased by around 0.35g when accounting
for the effect of vertical ground motions. However, the collapse capacity of the BF1
frame did not change when the effect of vertical ground motions was considered.
5. The effects of vertical ground motion can modify failure modes of modern frame
structures, leading to vertical rather than side-sway collapse.
From the correlation studies, focusing on different intensity measures, it was found
that:
1. The key factors that affect the efficiency of intensity measures are the structure type,
the ground motion properties and the seismic intensity level.
2. A scalar intensity measure, based on a single spectral value, cannot be efficient at all
seismic intensity levels due to the structure period elongation.
3. The efficiency of intensity measures, based on a combination of two spectral values,
is better than those based on a single period.
4. The maximum period of a structure appears to be a good damage predictor prior to
near collapse. However, the damage period of the structure does not correlate well
with the IMs examined.
5. The intensity measures that do consider the spectral shape are the most efficient.
Thus, the best intensity measures to be utilised in scaling ground motions for seismic
assessment of mid-rise structures tend to be I#$ computed, without considering the

higher-mode contributions.

259

Chapter 8

Conclusions and recommendation for future work

8.3 Recommendations for future work
This study mainly focused on 2D bare reinforced concrete multi-storey frame structures
designed according to EC8. In particular, the seismic response of the mid-rise frame RC
structures up to collapse was investigated and the effects of key factors on the collapse
process were examined in the study. For future studies, a number of recommendations can be
made as follows:
1. The results obtained from this study need to be expanded on, to cover different types
of structures, low- and high-rise structures.
2. The effects of infill walls, slabs and non-structural members may affect the structure’s
stiffness and hence modify damage progression and the following collapse mode.
Thus, these effects should be considered in further studies.
3. Structures with different types of structural systems and/or different materials, e.g.
steel, should be studied. For example, structures consist of dual systems or shear-wall
systems.
4. Soil-structure interaction effects need to be considered.
5. Three-dimensional models subjected to two or three ground motion components need
to be considered in order to account for the torsion effect, and to investigate the effect
of the interaction of ground motion components.
6. The effect of the buckling of reinforcement bars needs to be considered in the AEM
models.
7. Improvements are needed for modelling the shear failure of column-beam joints.
8. Further studies, using artificial ground motions; such as spectrum compatible or
synthetic motions, can be performed.
9. Further investigation on the effect of the correlation between random variables on the
collapse process can be conducted.
10. Further sensitivity studies to understand the asymmetric effects of modelling
uncertainties need to be conducted.
11. Further investigation into the effect of the uncertainty in the value of failure criterion,
separation strain, on the collapse process could usefully be carried out.
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